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ABSTRACT

The problem considered in this st udy i's to
determnistically and probabilistically evaluate the adequacy
of the design nethods of cold-formed structural steel beam
colums having doubly-symetric cross-sections in accordance
with the AISI Specification of 1968 and ECCS Recommendati on of
1987 with a view to proposing equivalent optimal criteria. The
validity of the design fornmulae are verified using test results
drawmn from literature and those observed at the Heavy
Structural Laboratory at the University of Dortmund, Dortnund,
West Germany. Depending on the ratio of width to thickness of
wal | menbers, varying degrees of incongruities exist between
the predictions given by the design fornmulae and test results.
Both cases of good and over-estimation of nmenber strength are
noted and generally the predictions of ECCS (1987) show nore
conservatismthan AISI (1968). Due to scatter in test results,
the influence of the statistics of the design variables on the
predicted strength is analyzed. The sensitivity is conpared
giving recognition to the paranmeter, Q, which represents the
| ocal buckling phenonenon. The design fornmulae are found

sensitive to this paraneter.

Safety factors are applied either to loading or strength

paranmeters in the tw design equations studied. The

Vi i



dependability of such factors is neasured by conputing the
reliability levels inplicit in the design equations under
uncertain dead and maxinmum life-tinme live |loads. Wthin the
range of practical data points considered, significant
inconsistency is noted. Although the reliability Ilevels
conput ed assune randomval ues, their distributions show that a
target level is in focus. Thus, enploying a socio-economc
criterion, atarget reliability level, 8, of 4.265 is obtained
for each design equation. This value is equivalent to a failure

probability level of 1 x 10-°.

Since an ultra safe design nmethod can be unduly expensive
and that it is not economcally feasible to design a structure
that cannot fail, resistance and load factored Limt State
Design Formats which trade-off safety and econony are derived
as alternatives to the corresponding fornulae in AISI (1968)
and ECCS (1987). These formats are optinmal having a m ni mum
total cost inplication as far as the design of thin-walled
structural steel beam col um nenbers of doubly-symetric shapes
or shapes not subject to torsional or torsional-flexural
buckling is concerned. In addition, they supercede the current
formats by providing uniformreliability level at m ninumcost.
This objective becane realistic as a consequence of rigorous
conbi nation of the Advanced First-Order Reliability Method

(FORVM and a Nonlinear Quadratic Progranm ng Techni que.
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CHAPTER 1

INTRODUCTION

1.1 General

The term ’‘thin-walled structures’ encompasses a wide and
diverse range of construction. The knowledge of their
behaviour is constantly advancing to fill the requirements of
engineers and designers. Although the applications of thin-
walled structures are diverse and the forms of construction are
varied, there are phenomena which are found common to many
different types of these structures. Some of these phenomena,
for example, local buckling (Rhodes, 1983), are peculiar to
thin-walled structures and arise purely because of the thinness
of the walls relative to the other structural dimensions. See
some examples of cold-formed sections in Fig. 1.1. In other
cases effects which are present in all structures are sometimes
altered due to the thinness of the walls. Thus, in some
circumstances simplification of analysis has been done, while

in others there has been an increased complexity.

Exact stress analysis of thin-walled members for design
use has been described (Winter, 1968) as too time-consuming.
But instead, approximate design methods have been developed.
Some of such developments with regards to beam-column design
are investigated in this study.

1



am-column, as used herein, implies a structural member
willCll LS SUb jecied simultanecus LY to axlial compressive LOorce

and bending moment. Bending moment may result from transverse

forces and/or from a known eccentricity of the axial force at

Fig. 1.1: Various Shapes of Cold-Formed Sections (Yu, 1985)



one or both ends. 8Since compression members in actual
structures such as frames and trusses have unavoidable bending
moment along the member due to eccentricity of axial force,
initial deflection and/or rotation of adjacent members, then in
reality, there are no pure columns. Although when the
magnitude of one or the other is relatively small its effect is
usually ignored, for many situations neither effect can be

properly neglected. Therefore the behaviour under the combined

loading is usually considered in design.

The design criteria of thin-walled beam-columns being
examined are based on the Allowable Stress Concept, ASC, (AISI,
1968) and the Ultimate Capacity Concept, UCC, (ECCS, 1987).
The ASC requires the design of structures for a particular load
by using an allowable stress obtained as the appropriate
strength divided by a specific single-valued factor of safety.
This safety factor is considered as accounting for any
imperfections in strength and loading. The implication of this
singular value of the safety factor for any particular strength
has been described as: the ability to predict 1loads and
strength is invariant (Viest, 1981). But generally some loads

and some strengths can be better predicted than the others.

The response of a loaded engineering structure depends on
“the type and the magnitude of the load, and the strength and

the stiffness of the structure. The gquestion of a satisfactory



response depends on the requirements which must be satisfied.
Such requirements for thin-walled beam-column elements are
stated in different forms for design purpose (e.g AISI, 1968;
ECCS, 1987; CSAS, 1963), but the same objectives are meant.
One cannot say exactly if these criteria will yield the same
level of performance unless they are subjected to a critical
evaluation as attempted in this study for AISI and ECCS design

methods.

The local buckling phenomenon plays a major role in the
prediction of strengths of thin-walled elements. Usually,
observed stresses especially in the prediction of ultimate
capacity do not always correspond to the stresses calculated by
linear elastic structural analysis (Viest, 1981). Factors such
as stress redistribution, stress concentration, changes due to
boundary effects and physical sizes of members are contributors

to the discrepancies.

The assurance of system performance within the constraint
of economy is one of the principal aims of engineering design.
Most planning and design of engineering systems must be
accomplished without the benefit of complete information;
consequently, the assurance of performance can seldom be
perfect (Ang and Tang, 1984). 1In the case of a structure, its
safety is a function of the maximum load (or combination of

locads) that may be imposed over the useful 1life of the



structure. Structural safety also depends on the strength or
load-carrying capacity of a structure or its components. As
the 1lifetime maximum 1lcad and the actual capacity of a
structure are difficult to predict exactly, and any prediction
is subject to uncertainties, the absolute assurance of the
safety of a structure is not possible (Ang and Tang, 1984).
Then, it is only realistic to measure safety in terms of the
probability that the available strength is adequate to

withstand the lifetime maximum load.

In cases where sufficient statistical data are available,
the problem of safety evaluation can be formulated with the
application of the theory of probability and statistics. But
in the great majority of cases, the design is used and built
only once. Therefore, it is not economically feasible to
collect sufficient data and, in fact, the structural behaviour
near failure has been described as unknown for most civil
engineering structures because it is not practical to conduct
even a single full-scale destructive test of such large and

massive structures (Yao, 1985).

Commonly, in civil engineering practice, a given structure
can be studied either experimentally or analytically. The
experimental studies can be field surveys and/or laboratory
tests. Field surveys include the determination of exact

locations of failed elements and other signs of distress, the



conduct cof various nondestructive testing techniques to the
existing structure, the discovery of poor workmanship and
defective details, and proof-load and other load testing of a
porticn of a large structure. On the other hand, specimens can
be collected from the field and tested in the laboratory for
the evaluation of material strengths and other mechanical

properties.

Analytically, studies may consist of the examination of
the original design calculations and drawings, the review of
the project specifications, the performance of additional
analyses using newly acquired field observations and test data,

and the possible explanation and description of the event under

consideration.

Guedelhoefer, in 1981, classified into three types, the
methods applicable for the strength evaluation of distressed
structures, viz:

* analytical evaluation,
* in-situ load testing,

* model load testing.

Of interest, in this investigation, is the analytical
evaluation of the predicted strength of thin-walled beam-
columns as given by two different design criteria considering

the presence of inherent uncertainties in the basic variables



of the resistance and loading.

1.2 Purpose and Scope

In this investigation, the advantages or disadvantages,
measured by sensitivity to inherent uncertainties, of two
design methods for thin-walled beam-columns having doubly-
symmetric cross-sections are studied and consequently
reliability-based modifications are proposed to foster uniform
and economical satisfactory performance for all practical
values of the parameters involved in the design equations. The
study is essentially useful for the allowable stress and
empirically based design interaction equations. The factor of
safety used in the interaction equation by AISI depends, in
part, on the expressions chosen to define the allowable
stresses. It has been shown that the actual factor of safety
of beam-columns cannot be determined directly from the factor
of safety of the individual terms in the interaction equation
(CRC Guide, 1976). And even then, predictions always have
associated uncertainties so that the adequacy of any design
criterion needs to be examined and evaluated in a probabilistic
manner. The reasons are now obvious with due regards to the
list of sources and types of uncertainties (see Sec. 5.2).
However, errors in analysis may be decisive in causing
structural malfunctions, and the contrel of allowable
approximations founded on well defined rational criteria.

There is yet one major obstacle found in the judgement of



errors in calculations. This 1is the difficulty of getting
bounds on local mistakes in stresses, displacements, etc. Only
comparisons are possible on the basis of some global measure of
structural response or performance. As a possible solution,
the probabilistic theory of structural safety (reliability
analysis) has been suggested (Augusti et al, 1984) for an
engineering evaluation of errors introduced by approximations.
Such analysis of the propagation of numerical errors on the
safety indices or on the failure probability can give useful
criteria for judging the admissibility of approximations, or
even to calibrate increments of the safety coefficients
necessary to neutralize error effects on structural safety.
According to Augusti et al (1984), it is unfortunate and
somewhat surprising that there is not much work on the subject
at the present stage, despite the interest that the matter
should have in practical applications. The work in this study
is a step in this direction with regards to thin-walled

structures.

Kolakowski (1987) found that the interaction between local
and overall buckling of compressed thin plates could result in
an imperfection-sensitive structure. This means the elements
whose design criteria are being evaluated can be sensitive to
imperfections which may themselves be random in nature.
Ordinary deterministic evaluation cannot be sufficient in

gquantifying the degree of such sensitivity for reasons that are



obvious.

Comparison of the design equations in consideration shows
that there is no unique format for design criterion. However,
when two or more design criteria yield the same level of
probability of failure, they can be said to have equal level of
performance. Such requirements appear to be possible only when

the criteria are developed in a probabilistic manner.

Two design specifications (i.e. AISI, 1968 and ECCS, 1987)
for the interaction of thin-walled beam-columns are rated using
a probability-based technique. The interaction strength as a
whole and some key parameters, especially those that represent
the effect of the local buckling phenomenon, are rated. On the
basis of the rating coupled with optimization task, Limit State
Design Format (LSDF) based on socio-economic criterion is
proposed for each specification in order to provide economical
designs which yield uniform reliability 1level over all

practical values of the slenderness parameter.

In order to achieve the stated objective, an evaluation
model based on the First-Order Reliability Method (FORM) is
employed taking into consideration possible correlation among
parameters of the design equations and their associated
probability distributions. The method is fully discussed in

Chapter 4, and chosen among others due to its merits. The



interaction strength of a thin-walled beam-column is a function
of so many parameters. Rather than considering the strength as
a single random variable, it is treated as a function of the
associated random parameters. Thus, the model is generalized
so as to permit any load combination (as permitted by the
specifications) and to study the influence of the statistics of
the local buckling effect on the interaction strength. As
well, the model permits the rating of the design criteria when
different grades of steel from which thin-walled elements may
be cold-formed are available. 0f the identifiable
uncertainties, only the measurable uncertainties are easily

quantified and they are the ones considered in this study.
Since the proposed transitory formats are forged around

safety and economy, a nonlinear programming technique is also

employed.
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. CHAPTER 2

LITERATURE REVIEW

2.1 General Remarks

A great deal of research has been carried out on the
behavicur of cold-formed steel structures. These research
efforts have been concentrated on improving the design methods.
But then there exists the indication that more research is
needed to fully uncover the intricacies of the problems. For
instance, with respect to doubly-symmetric c¢ross-sections, a
survey according to Yu, (1985) shows the fellowing research

activities and locations:

(A} USA
Research activities into thin-walled structural behavicur
in USA include:
(1) Limit design of cold-formed box sections at the
Georgia Institute of Technology.
(2} Local Dbuckling of tubular columns at Lehigh
University.
(35 Inelastic response of restrained steel tubes at

University of Michigan. - y

(4) Ultimate design of box girders at New Mexico State

T 1i616E

11 " -

University.




(5) Local buckling of tubular beam-columns at University

of Wisconsin-Milwankee.

(B) BELGIUM

Similarly research activities in Belgium include studies

on the buckling of rectangular hollow sections at University of

Liege.

(C) CANADA

As far as behaviour of thin-walled structural steel
members are concerned, the following investigations are
underway in Canada:
(1) Behaviour of stiffened box girders at McGill
University.

(2) High-strength steel hollow section columns at
University of Toronto.

(3) Local buckling of tubes at University of Alberta.

(4) Plastic behaviour of hollow sections at McMaster
University.

(5) Behaviour of box girders at Queen’s University at

Kingston.

(D) JAPAN
At the University of Tokyo, the major work in cold-formed

structural steel addresses circular and rectangular tubular

members.

12



(E) UNITED KINGDOM

In United Kingdom, we have major activities at:

(1) University of Glasgow which investigates the
behaviour of thin-walled rectangular hollow beams,.

(2) University of Southampton studies postbuckled columns

and box beams.

In this Chapter, the need for the present study is
justified and the evolution of the probability-based technique

employed is briefly discussed.

2.2 Developments and problems in the Design of Cold-Formed
Steel Sections
There are two main families of structural members in use
in steel construction. One of them is the familiar group of
hot-rolled shapes and members built up of plates. The latter
is composed of sections cold-formed from steel strips, plates,
or flats in roll-forming machines (see example of such machine

in Fig. 2.1) or by press brake or bending brake processes.

Cold-formed steel sections are used, to mention a few, in
car bodies, railway coaches, storage racks, grain bins, highway
products, transmission towers and pocles, drainage facilities,
and bridge and building construction. A few examples of

applications of some cold-formed steel sections are shown in

13



Figs. 2.2 to 2.4. From the list of these uses, 1t can be saild

that the thickness of the material from which cold-formed

sections are manufactured can be very small, and thus,

permitting economical use of material.

Fig. 2.1: Cold Roll Forming Machine (adopted from Yu, 1985)
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Building Composed entirely of Cold-Formed

Pig. 2.21
Steel Sections (adopted from Yu, 1985)

Fig. 2.3: Cold-Formed Steel Sections used in Space Frames
(adopted from Yu, 1985)
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Fig. 2.4: Hanger-Type Arch Structures using Cold-Formed
Steel Section (adopted from Yu, 1985)
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Although the relative thinness of cold-formed sections is
beneficial to economical usage, it is also the source of many
design aspects that must be accounted for, if advantage is to
be taken of the potential economies. In this section, a brief

review of the investigations on these aspects is reported.

Rhodes and Walker (1985) remarked: As the major producer
of cold-formed sections, and having had the longest established
research background in the field, the USA has probably the most
comprehensive and useful specification for the design of cold-
formed sections of any country. The specification (i.e., AISI,
1968) referred te by these men is one of the two being
evaluated in this study with particular attention to the design
of beam-columns. The design specifications of Canada (CSA,
1974) and Australia (SAA, 1974) have been based very closely on
the AISI (Rhodes and Walker, 1985), and the AISI has been
translated into German (Eidamshaus et al, 1976) and used in

Germany.

A bulk of research is done in the USA. Yu, (1985) gave a
long list of research activities at different Universities in
the USA as well as in other countries, especially, in Europe.
Rhodes and Walker (1985) reported on some of the major areas of
research with regards to buckling problems and areas which

require further investigation are pinpointed.
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Local buckling of cold-formed steel elements is one of the
major design criteria. But it is well known that such elements
will not necessarily fail when their buckling stress is reached
and that they often will continue to carry loads in excess of
that at which 1leocal buckling first appears. A number of
pictures are shown by Yu, (1985) to 1illustrate why the
postbuckling strength of compression elements is utilized in
design. The incorporation of this aspect into the design of
beam-columns is of major concern since it is done empirically

in the two design methods under evaluation.

Other problematic aspect of cold-formed sections due to
the relative thinness of the walls is that in some sections the
centroid and the shear centre do not coincide. Thus,
torsional-flexural buckling becomes a critical factor for
compression members. This phencmenon is of no consequence in
the sections (i.e. box and doubly-symmetric sectiocns) that are
considered in this study. Such sections are said to have

sufficient torsional rigidity (Sherman, 1975).

The simple end conditions (i.e., pin-ended) assumed and
generally connections of thin-walled elements have been found
to influence their behaviour (e.g., Yu, 1985). Although at the
design stage provisions are made for this, such provisions are

only approximate and are critically deterministic. This is

18



because the true behaviour is hidden in the real construction,

and can be influenced by many other factors.

With specific reference to the behaviour of thin-walled
box sections, reports of investigations documented include
(Little, 1978; Chiew et al, 1987; Usami and Fokumoto, 1982;
Usami and Fukumoto, 1984; Hasegawa et all, 1988; Shanmugam et
al, 1987; Nakai et al, 1985a; Nakai et al, 1985b; Murray, 1987;
Hancock et al, 1987). These reports are a combination of
experimental and analytical investigations, On the basis of
the conclusions drawn by the individual investigators, the
prediction of the ultimate load-carrying capacity of box
sections is diversified and discrepancies exist among them due,

in part, to the appraisal methods.

In order to retain the shape of thin-walled box columns,
they are often stiffened by diaphragms or traverse ribs.
Krolak (1989) studied the influence of flexural rigidity of
such diaphragms on the stability of thin-walled box columns
under uniform compression, using an energy method. On the
basis of the analysis it was found advisable to take into
account the flexural rigidity of the diaphragms during
calculations of the local stability of such elements with
densely spaced diaphragms. Also the critical lcads of
uniformly compressed members with densely spaced diaphragms

whose thicknesses are equal to that of the walls are fairly
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significantly greater than those with perfectly flexible
diaphragms. By a way of generalization there is an indication
that a unique design format for thin-walled sections may not
necessarily exist. It is good then to evaluate critically some
of the existing design equations in order to bring forward the
role of inherent uncertainties in influencing the resultant
performance of components designed in accordance with those
requirements and to suggest possible modifications that will
make any design criteria yield uniform level of reliability.
To do so will require a probability~-based technique. 1In the
subsequent section the evolution of such a technique is briefly

reviewed.

2.3. Evolution of Structural Reliability Concepts

In a qualitative and very broad sense, the purpose of
design can be conceived to be the attainment of equilibrium
between safety and economy. Safety calculations have, for many
years, been simply formulated on a deterministic approach
according to allowable stress criteria. This is to say, that,
structures were regarded safe 1if within an elastic linear
model, appropriate combinations of the stresses induced at any
point by the nominal values of the applied loads did not exceed
predefined proportion of the material strengths which were
equally viewed as deterministic. The application of this

allowable stress method has revealed some shortcomings, among
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which are (Geschwindner, 1988):

(a) Reliability is not uniform over the many different
conditions of design. Thus, the exact factor of
safety for many individual components or for a system

as a whole is not known.

(b) The basis of the method is hidden within arbitrary

allowable stresses and factors of safety.

(c) The format of Allowable Stress Design (ASD) is not
consistent with the one used for reinforced concrete,

nor is it consistent with those of the international

community.

Modern developments in design, analysis, building material
and techniques have also led to the refinement of structures to
suit more precisely the loading and environmental conditions
assumed in design. Therefore, the accuracy and adequacy of the
design assumptions have assumed much greater importance since
a precisely designed structure may be sensitive to a greater or
different loading condition. And worse still, the reserve
strength previously available may be inadequate or even
completely absent. If structures are to be designed with both
precision and safety, a conscious assessment of all conditions

and hazards that might arise should be made. But according to
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Rodin and Chanon (1969), this does not mean that we must design
against all hazards. It simply means the combination of risk
and consequence of the hazard should be considered so that
appropriate action, if any, can be determined to achieve an
acceptable and uniform standard of safety. Hence attempts to
improve the methoed called for the need to take into account the
random character of the most important design parameters.
These include the actions, the strength of the materials, and
even at times, the geometric dimensions. It is this
consideration that led to the introduction of probabilistic

concepts.

One of the first proposals in this direction was put
forward by Mayer in 1926. In later years, the problem has been
the computation of the probability of failure and consequently
the reliability of a structural element or a system. Shinozuka
(1972) described reliability analysis as that analysis which
combines all available probabilistic and statistical techniques
as well as the modern science of decision making in such a
manner that the reliability estimate will not only reflect the
quality and quantity of the available information but will be
consistent with the present state of

* structural or stress analysis

* failure analysis, and

* environmental and load analysis.
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The consequence is, therefore, that the accuracy of the
reliability estimate cannot be better than the accuracy of the
information and the state of art of the engineering science
pertinent to the reliability problem in hand. The essential
benefit that one can receive by performing reliability analysis
has been listed as follows (Shinozuka,. 1972): A definite and
better understanding will be achieved on

(1) the effect of increasing or decreasing safety factors

on the structural reliability,

(2) the sensitivity of the structural reliability to the

other design parameters,

(3) the additional information needed to improve accuracy

of the reliability estimate, and

(4) from this understanding, a consistent and systematic
way of making decisions will hopefully emerge.
These items constitute part of the cobjectives of this present

investigation.

Reliability analysis has also been grouped under three
basic levels, which are levels 1, 2, and 3, depending on the
degree of sophistication applied to the treatment of the
various problems. The difference among them are operational

rather than conceptual. Some comments are made on these levels
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without showing any mathematical details which can be found
elsewhere (e.g., Leporati, 1979; Madsen et al, 1986; Thoft-

Christensen and Baker, 1982).

2.3.1 Level 1 Methods

In level 1 methods, the probabilistic aspect of the
problem is taken into consideration by introducing in the limit
state equations suitable nominal values of the basic variables,
in association with partial safety factors. To ensure
appropriate levels of structural reliability, these nominal
values are deduced from probabilistic considerations. There
are, 1in progress, continuous revisions of the operaticnal
methods used (e.dg., CEB, 1976) under this level. At the same
time a number of alternative proposals have been recently
formulated by various research groups (e.g., NCBR, 1974; CECM-

ECCS, 1978).

Broadly, if the failure criterion in respect of a

predetermined limit state is expressed in the form:

Gt ¥ s v o 5 » ¢ Y} €0 (2.1)
by means of level 1 methods, safety analysis is effected by
checking that the following inequality is satisfied

GY; fHe X3 /Y2 « o » o o o 3 4/) 20 (2.2)
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In the above equations,
Y, = the design variables,

Y'= the characteristic values of the design variables and

v, = the partial safety factors.

Level 1 schemes are said to have great operational
simplicity due to the use of fixed and constant partial safety
factors for a given class of design situation (Leporati, 1979).
But the shortcomings are that the reliability of individual
designs will necessarily vary from case to case. In order
words, the objective of obtaining constant reliability cannot
be reached for all the design situations covered in a given

specification.

2:3:2 LLevel 2 methods

With level 2 methods, safety checks are made at finite
number of points of the safety domain boundary which is
projected into the space of noncorrelated and standardized
basic random variables. 1In this way, direct multidimensional
integration or the use of simulation techniques are avoided.
The parameters that require determination are the distances of
appropriately selected points of the safety domain boundary
from the origin of the system of coordinates, in case of
multiple checks. On the other hand, when only one check is
needed, the minimum distance is sought. It is possible to

associate a precise meaning in terms of reliability with this
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distance if joint normal distribution is assumed for the random
variables involved and suitable geometries for safety domain

boundary are chosen.

The Mean First Order-Second Moment Method (MFOSMM) and the
Advanced Mean First Order-Second Moment Method (AMFOSMM) are in
this level. The basic concept of second moment methods is to
set out all random quantities in terms of their first two
moments. These operational procedures were introduced by

Cornell (1969) for codification purposes.

Rather than checking safety in terms of probability of
failure, it is checked using the reliability index, That is,

let a limit state function be:

Zy=hg-hy (2.3)

where Ay and A are respectively strength and stress variables

which are usually functions of other variables.

In terms of the first two moments of the strength and
stress employing Taylor series the reliability index, B, is

expressed as

f=—>r " (2.4)
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where

’):" = mean value of A,
7; = mean value of A
Ow = standard deviation of ,,
O, = standard deviation of .

Since one of the procedures of level 2 is employed in this
investigation, the detail of Equation (2.4) is fully discussed
in Chapter 4. But it should be pointed out here that the

condition to be checked for safety is

Ix—IS—B1fah!+olsit0 (2.5)

The so-called AMFOSMM which is also described in Chapter
4 requires the determination of B by iteration (Smith, 1986).
This is because the value of B depends on the minimum distance
from the origin to the failure surface in the space of

standardized variables (See Fig. 2.5).

Generally, in the level 2 procedures, it is not necessary
to insist on the relative frequencies of real non-failures, but
only on establishing the significance of the compared measures
of risk within standardized operational procedures (Leporati,

1979) .
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2 dad Level 3 Methods

These are the most complete methods of reliability
analysis (Leporati, 1979). In the procedure all the random
variables involved are represented by their distribution
functions and joint probabilistic behaviour is expressed in
terms of the covariance matrix. The knowledge required is the

appropriate safety domain for each limit state.

Level 3 methods are not easily applicable to practical
safety checking and design because of the analytical and
numerical difficulties involved. However, they are the only
available means to check the approximations and also the
validity of the assumptions made in the operational methods of
levels 1 and 2. Studies conducted on level 3 methods include
(Freudenthal et al, 1966; Tichy and Volicek, 1972) and using a

computer (Paloheimo, 1969).

The fundamental formulation in the level 3 methods is of

the form:

Pp= f f £ia,(Apedg) dhydhg (2.6)
oF

where DF is the failure domain; and Ay, and Ay are as earlier
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defined. From Egq. (2.6), the reliability of a component is, by

definition,

H=1—Pﬁ.=1—fffusfl,.)-s} dA  dh g £ T)
nr

Generally, the criterion for safety has been formulated in
terms of the resistance, A, and load applied, A..

Mathematically, the criterion is of the form:

Ag=dygr0 (2.8)
or
Ay
> 2.9
1 1 ( )

Oon the basis of any of the above requirements, the
conclusion is that safe structures are characterized by a
relatively low probability of failure. The distribution of A,
and Ay are needed, in a simple form, in safety analysis.
According to Borges and Castanheta (1969), each distribution
measures the probability of it being smaller than a given value
and these probabilities must refer to the same variable that
measures both loads and resistances, taking for reference the

same interval of time.
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A more generalized concept of failure takes into account
the concept of limit state (Leporati, 1979). That is, a state
beyond which a structure, or part of it, can no longer fulfil
the functions or satisfy the conditions for which it was

designed. For instance, let Eg. (2.8) be expressed as

Zy=hg=hg (2.10)

If Ay and A take positive arguemental values, the condition of
probability of survival (i.e. reliability) is the shaded area
in Fig. 2.6. That is, 2, takes a positive value. To establish
a criterion for safety the requirement is that 2,, > 0. And
this is the key assumption on which the present work is

conducted.

2.4 Significance of the Reliability Methods in Structural

Safety

In the practice of planning, design, analysis and
construction, c¢ivil engineers have always been aware of the
uncertainties (natural and man-made} that must be negotiated.
The awareness has always been resolved through the so-called
safety factors. The associated problems with the use of the
allowable stresses through safety factors have been pointed out

in the previous section. To ascertain a more meaningful
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quantitative measure of safety, the reliability technique which
is probability-based has been sought. More recently, some of
the existing design codes (e.g. CEB, 1976; CIRIA, 1977; NBS,
1980; ECCS, 1981) have been reexamined and modified on the

basis of these probabilistic concepts,

Reliability analysis methodology has made and can further
make genuine contributions towards enhancing the structural
safety and integrity of constructed facilities (Shinozuka,
1986) . Beyond the applicability of reliability concepts to
traditional engineering structures, reliability analysis has
become an integral part of the risk assessment and management
procedures for a wide variety of structures (e.g., Rodin and
Chanon, 1969; Committee, 1982a; 1982b; 1982c; 1982d; Matsuo and
Asaoka, 1983, McAnally, 1983; Cazzulo, 1987; Cheieleskwi, 1987;
Costa, 1987; Ditlevsen et al, 1987; Grigoriu, 1987; Guenard and
Lebas, 1987; Nielsen et al, 1987; Nowak and Lind, 1987; Schmidt
and Schomburg, 1987; Black, 1972, Konishi, 1972; Chang, 1983)
including such risk-sensitive structural systems as nuclear
power plants and aircrafts (e.g., Glirpinar and Giuliani, 1987;
Jaeger, 1972; Kececioglu and Koherecheck, 1983; Thomas and

Bosinoff, 1983).

As far back as 1969, Ang showed that availability of a
minimum acceptable risk permitted the formulation of an

extended reliability basis for safe design and evaluation of
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safety factors, Lightenberg (1969) also pointed out some
factors that 1in reality have a great influence on the
probability of failure (and consegquently the reliability) of a
structure. Some of his findings have been answered in

reliability studies, attesting to its importance.

The interrelationship among the probability of structural
failure, the expected cost of failure and the proof-load
testing has been established and used for a general reliability

analysis (Shinozuka, 1969).

In 1969, 0Ott and Shah studied the feasibility of
developing the mathematical tools to investigate the
reliability of structural systems under probabilistic and
stochastic 1loading. They found that derivation of the
reliability distributions was fairly simple for the case where
only one parameter was a random variable. But it was not
possible to find a useable analytical solution for the

distributions chosen. Therefore approximations were suggested.

In the context of structural engineering the resistance of
a structure or element is usually a function of a number of
variables. Each of these variables is random, and an analysis
could be made if the relevant statistical parameters of each
were known. Inclusion of all these effects would be a
formidable task, although analyses with some of the variables
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have been made (Augusti and Baratta, 1970; Chung and Lee, 1971;
Bjorhovde, 1972; Bijorhovde and Tall, 1971) especially for
column elements. In order to circumvent the problem, the mean

resistance has been expressed as (Galambos, 1972):

R,=[BiasFactor] [NominalFormula) (2.11)
where
. TestCapacity Theorstical Pred.fctinn]
E ¥ W — + —£ : < — e
daxtnctac] TheoreticalPrediction ][ Nominal Strength "

and the [Nominal Formula) is the resistance equation which is
to be used in the new code for the particular type of element,
This idea has been used to evaluate reliability of structural
steel elements (e.g. Chapius and Galambos, 1982; Galambos et
al, 1979; Shin et al, 1988). However, such an approach
obscures the possibility of monitoring the contribution of the
statistics of the key parameters to the variation in the

strength, and particularly for cold-formed elements.

In cold-formed elements, interaction of local and overall
buckling phenomenon makes a key difference between the
behaviour of hot-rolled and thin-walled elements. As
previously reviewed, it is clear that the phenomenon is yet a
question of further verifications. Bearing this in mind, it is
then preferred in this study teo treat the resistance of the
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beam-column as a function of random parameters rather than a
single random variable. The guantification of random
parameters allows the opportunity to examine the statistical
contributions of such parameters to the statistics of the
resistance and consequently their influence on the reliability

of the design criteria.

Although the applications discussed above are numerous and
diversified, a number of major issues that have not really been
resolved in the structural reliability analysis have been
pointed out and some of them are (Shinozuka, 1986): |

(1} It is not easy to obtain a consensus on the
target levels  of reliability even for

traditional civil engineering structures.

(2) Not everything is always probabilistic, although
the reliability analysis methodology developed
so far presumes that we can somehow formulate

everything in terms of probability.

(3) Even if, it is agreed that everything can be
interpreted as probabilistic, the casual fashion
in which the source of the variability is often
divided into "uncertainty" could give the false
impression that such a division is easy, while

certainly it is not.
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(4) The reliability methodology has so far been
unable to properly incorporate human factors,

managerial as well as technical.

These problems are however not ignoring the many
advantages a Reliability-Based Design (RBD) criterion has, at
least, over the traditional Allowable Stress Design (ASD).
Some of the advantages and the disadvantages of both RBD and
ASD were listed by Geschwindner in 1988. It is clear from the

comparison that RBD has the largest list of advantages.

Within the scope of literature availability, no similar
course of analysis as undertaken herein for cold-formed beam-

columns has been reported.

2.5 oOptimization in Structural Engineering

A vast quantity of literature has been published in the
area of structural optimization in the last two decades (e.q.
Rozvany and Cohn, 1970; Weiji, 1986; Mroz and Lekszycki, 1981;
Oovunc, 1989). However, most of the activities are centered
around a deterministic design philosophy characterized
essentially by a well defined deterministic structural code for
checking constraints, and usually an element optimization
procedure for finding the best design variables which result in

the minimization of material weight or cost.
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Optimization formulations which do not incorporate the
inherent nature of both structural loading and strength present
a significant drawback. This is because structural problems
are generally nondeterministic and, consequently, engineering

optimum design must cope with uncertainties.

Code calibration using the reliability concepts discussed
in the previous section has shown that safety level dces not
remain uniform within the context of deterministic code
applications due to inherent uncertainties and the fact that
the mathematical models upon which such codes are built cannot
fully replicate the true nature of state. It is then logical
to say that methods of optimization developed on deterministic
safety concepts, while minimizing the weight or cost of an

element, may change the elemental safety level.

Since the proper tool for assessing and analyzing
uncertainties requires methods and concepts of reliability
(e.g. Ang and Tang, 1984), it may be welcoming to affirm that
the combination of reliability-based design procedures and
optimization techniques is the only means of providing a
powerful tool to obtain a practical optimum design solution
(Frangopol, 1985). In this direction various studies have also
been carried out with various criteria and constraints (e.q.,
Hilton and Feigen, 1960; Kalaba, 1962; Frangopol, 1985a; Moses

and Kinser, 1967; Surahman and Rojiani, 1983; Parimi and Cohn,
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1978; Frangopol, 1985b), and a large number of applications is
found, for examples, in Thoft-Christensen and Murotsu (1986)

and Brebbia abd Hernandez (1989).

In general, for example, the problem of probabilistic
optimization with collapse and loss of serviceability as the
criteria can be stated in mathematical-programming form as

follows (Frangopol, 1986):

-

m =n(2') €7 {2.12)
as cost or weight constraint, and
Ppe = Ppc(2) < Py {2433)
as reliability constraint against collapse and
Pps = Pr(2%) < Py (2.14)

as reliability constraint against unserviceability in which 27
= the vector of design variables; m = the total cost or weight
of the structure and 7’ the permissible value; P,. and P’ = the
probabilities of plastic collapse and the allowable value,

respectively; and P, and Py = the probabilities of

unserviceability and allowable value.

Equations (2.12) to (2.14) provide nine possible
combinations for formulating an optimization problem under
uncertainty particularly the optimization of several

conflicting objectives as is the case in this investigation.

38



CHAPTER 3

BEAM-COLUNMN INTERACTION STRENGTH

3.1 Introduction

Beam-columns are structural members which combine the beam
function of transmitting transverse forces or moments with the
compression (or tension) member function of transmitting axial
forces. The behaviour of isclated beam-columns can be
conveniently discussed under three distinct headings, viz
(Trahair, 1977): In-Plane Behaviour, Flexural-Torsional
Buckling and Biaxial Bending. These different behaviours are
schematically shown in Fig. 3.1. However, 1in an expanded
manner, a number of categories of combined and axial load along
with the likely mode of failure may be summarized as follows
(Salmon and Johnson, 1980):

(1) Axial tension and bending in which failure is usually

by yielding.

(2) Axial compression and bending about one axis, failure
is by instability in the plane of bending, without

twisting.

(3) Axial compression and bending about the strong axis,

failure is by lateral-torsicnal buckling.
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Fig. 3.1: Beam-Column Behaviour (a) In-Plane Behaviour, (b)
Flexural-Torsional Buckling and (c) Biaxial Bending.
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(4 Axial compression and biaxial bending (for
torsionally stiff sections), failure is by

instability in the plane of principal directions.

(5) Axial compression and biaxial bending (thin-walled
open sections), failure is by combined twisting and

bending on these torsionally weak sections.

(6) Axial compression, biaxial bending, and torsion;
failure is by combined twisting and bending when the

plane of bending does not contain the shear centre.

The in-plane behaviour is the focus in this investigation
and subsequent discussions are on the behaviour of beam-columns
not subject to flexural-torsional buckling and are under
uniaxial bending. Therefore in this Chapter, the general
review of the exact analysis of the in-plane behaviour is done
in Section 3.2 while the rest of the Chapter concentrates on
the design rules with the view to examining their adequacy
considering different assumptions adopted and the consequence
of unavoidable uncertainties. Two different design criteria
are discussed but to up-date information, comments on the
relevant research investigations are included for comparison.
This is to show that for the number of failure modes there is
no simple design procedure which will likely account for such

varied behaviour. Design procedures have been categorized viz
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(Salmon and Johnson, 1980):
(1) limitation on combined stress;
(2) semi-empirical interaction formulae based on
working stress procedure, and
(3) semi-empirical interaction procedures based on

ultimate strength.

According to Salmon and Johnson (1980), design procedure
based on (1) cannot provide a proper criterion unless
instability is prevented, or large safety factors are used.
But generally the Iinteraction equations are closer to
describing the true behaviour since they account for the

stability situations commonly encountered.

3.2 General Analysis

In this section, only the in-plane behaviour is discussed
assuming failure by instability in the plane of bending. For
a simple illustration of the exact analysis, a beam-colunmn
element with uniformly distributed lateral load (See Fig. 3.2)

is considered.

S —— q = S ———T ey
p_“.'..l;_m__}_t__ EEEEEREE S AN

—

] |
\ D -

L : — -

Fig. 3.2: In-Plane Beam-Column with Uniform Load
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The elastic limit state of the element is attained when
the maximum stress reaches the elastic limit or the yield
point, f , of the material. Thus, the governing differential
equation for elastic beam-columns with uniformly distributed
load can be given as;:

% 42 f
;x:+ﬁ:;x:— é} (3.1)

in which
Rl
K> FT
and v is the lateral deflection of the element. Since the

system is symmetric about the mid-span, it is enough to take
the coordinate x from the mid-span. Then the general solution

to Eq. (3.1) can be expressed as:

Vv=0,008kK+ 0, +—3_ x? 3.3
* 4 2kReET (3.3)

When the boundary conditions are applied, that is, at

X = +L/2 or ~L/2, v = 0 and

a4y

(3.4)

I
o

the constants ¢, and c, are obtained and shown as
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c, = d (3.5)
ETk4cos (kL/2)

and
c, = - (gq/EIK') (1 + kL/8) (3.6)
It then follows by substitution in Egq. (3.3) that

. q 1+k3L3_k2x2_ coskx (3.7)
ETk* 8 2 cos(kL/2)

From Eq. (3.7) the moment distribution along the member can be

determined as

div g coskx
M=-ET =_E_ -1 358
dx? k”[cos(kL72) : .
the maximum bending moment occurs at the mid-span where x = 0,
that is,
M (8 kL —— 2 1 3.9
Munx =M, (8/ )[cos(kL/z) ( )

in which M, is the maximum bending moment induced by q only, and
the expression in the square bracket represents the

magnification factor due to axial compression.
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Wwhen P = 0,
M, = gqL'/8 (3.10)
Using power series expansion and further simplifications,

Eq. (3.9) is reduced to:

My, = M, [1 + 1.0281(P/p.)][1 + P/P, + (P/P)* + . . . ]
1.0281(P/P,)
- + (3.11)
M{l =8P, )
sc that

(3.12)

. {1+0.0281(P/P,)
%QX-MO( l_P/P‘ )

Since the axial thrust P is essentially a constant value
along the element, the elastic 1limit stress occurs on the
cross-section of the maximum bending moment. Therefore for a
beam-column, the criterion for the elastic limit state can be

given as (Trahair, 1977; Chen and Atsuta, 1976):

.
2|y
i

hh

or
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b‘f}”;%ﬂ {(3.13)
v v
where
M, = Zf, (3.14)
and
P, = Af (3.15)

are the initial yield moment in pure bending of a section

10

Fod moment
ix =0)

e Umiform load

—————— Concentrated load

0 02 04 06 0K 10

Fig. 3.3: Elastic Limit Interaction Curves
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having an elastic section modulus Z and the yield thrust in
pure compression of the cross-section of area A, respectively.
When Eq. (3.12) is substituted into Eg. (3.13) the interaction
equation yields:

1+0.0281F/P, M,
1-°2/P, M,

i =1 (3.16)
P.‘f

Similar derivation can be obtained if concentrated loads
were applied. For a comparison, Fig. 3.3 has been taken from
Chen and Atsuta, (1976) to show the interaction curves for
uniformly distributed and concentrated 1loads at a given

slenderness parameter.

For design purposes, either for cold-formed or hot-rolled
beam-column sections, Eg. (3.16) is generally taken as (Yu,

1985; AASHTO, 1977)

£
—2+p—241,0 .19
F. thbl ( )
where
F, = allowable/ultimate stress for the design of
compression members
F, - allowable / ultimate stress for the design of

beams, and
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amplification factor due to the presence of the

At

axial load.

Egq. (3.17) is further examined as its presentation has
taken different forms especially in the design specifications
for thin-walled members. A number of analytical investigations
exist in literature on the interaction of local and global
buckling in thin-walled beam-columns (e.g, Davids and Hancock,
1987; Benito and Sridharan, 1984; Benito and Sridharan, 1985;
Sridharan, 1983; Sridharan and Ali, 1985). It can be said,
gathering from these works especially from Davids and Hancock
(1987) that the ultimate strength of slender beam-columns is
sensitive to initial local and global geometric imperfections
while it is not for short length axially compressed thin-walled

beam-columns. However, these observations are based on I-

sections,

Dawe and Kulak (1986) developed a computer-aided
analytical technique to study the local buckling behaviour of
beam-columns. Their work showed that the plate slenderness, as
well as residual stresses are notable among those parameters
affecting local buckling behaviour. The examination of the
criteria specified by AISI and ECCS is focussed herein and

therefore both are subsequently reviewed.
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3.3 Design Formulations

On the basis of the discussion in the previous section,
the design requirements prescribed for doubly-symmetric shapes
subject to both axial compression and bending are reviewed in
accordance with AISI, 1968 and ECCS, 1987. The objective is to
study the two interaction equations so that the manner in which
the local buckling effect is taken into consideration can be
assessed and then to be able to establish the key parameters
that can be probabilistically treated as random variables in
the reliability computations which occupy the rest of the

Chapters of this thesis.

3.3.1 AISTI Specification

AISI specifies that when doubly-symmetric and torsionally
stable shapes are under the combined action of axial
compression and bending, the member shall be proportioned to
meet the requirements below.

When f£,/F, > 0.15

L5 o ot " my ey <1.0 (3.18)
Fao (~L/P NP (1-£/F))F,,

f"q- L *—x. 3.0 (3.19)



Instead of

Egqs. (3.18) and (3.19), the following formula is

recommended when f,/F, < 0.15

where

ao

-i§-+—£@5+3§251.0 (3.20)
‘Pa! Pbx Fh_v

axial stress, that is, axial load divided by full
cross-sectional area of member (= P/A, [KNm’))
maximum compressive bending stress, noting that for
members having stiffened compression elements, the
section modulus is based upon the effective design
widths of such elements, [kNm?]

allowable compressive stress under concentric loading
according to Section 3.6.1.1 of the Specification for
buckling in the plane of symmetry, [kNm’]

allowable compression stress under concentric loading
determined by Section 3.6.1.1 of the Specification
for L = 0, [kNm?]

allowable bending stress in compression where bending
stress only exists (Section 3.1, 3.2, and 3.3 of the
Specification), [kNm?]

allowable bending stress in compression where bending
stress only exists and the possibility of lateral

buckling is excluded (Section 3.1 and 3.2 of the
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Specification), [kNm”’)

F/@ = 127°E/ [23 (K1,/r%) 1, [kNm’) which may be increased one-
third in the presence of Wind, Earthquake, and
Combined Forces.

5 = a coefficient whose value shall be taken as in the
Specification, but taken as unity as one of the
possibilities given and to conform to the boundary

requirements of the beam-column elements being

studied.
L, = actual unbraced length in the plane of bending, [m)]
r, - radius of gyration about axis of bending [m]
k = effective length factor in the plane of bending.

The subscripts x and y in Egqs. (3.18) to (3.20) indicate
the axis of bending about which a particular stress or design
property applies. The values of C, can be found as summarized
in a Table obktainable in (Yu, 1985) and any other relevant

text.

Equations (3.18) to (3.20) are cases of biaxial bending.
To present a general formulation for a uniaxial bending as
investigated herein, we have respectively:

fa & Cmfb

<1.0 % A
Fal (l‘fa/Fa’) Fb { )
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and

b
_.f,_ﬂ'_+451.0 (3.22)
j'-.u.n “Lbi
when f,/F,, > 0,15,
and
_f* +&51.0 (3.23)
'F.:n‘ Fb
when f /F, < 0.15.
The criteria represented by Egs. (3.21) and (3.22) are
subjected to reliability evaluation. As will be seen later,

the expression for F, and F,, are not the same for AISI and
ECCS. Although in general the two design expressions are not
the same, their adequacy can be examined on the basis of

issuing a targeted uniform performance level.

The criteria specified by AIST is examined using the
interaction curves. 1t is clear from the plots in Fig. 3.4
that the effect of the local buckling on the interaction
strength produces different failure surfaces. The explanation
cannot be far from the fact that the empirical incorporation of
the form factor Q, which takes care of the weakening effect of
local buckling seems inadequate. The adequacy can only be
effectively examined using any probabilistic models as

discussed in Chapter 4.
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o g

ECCS Recommendation

The ECCS Recommendation prescribes for members in flexure

and compression, with mono or bisymmetric cross-sections, an

interaction equation of the form:

)\f

ﬁ. 4 l : }Ix < 1 B 0
NA;.‘ N!xl,._)z de (3'24)
Oyl

the calculated axial force due to design load
design value of concentric axial compressive force
according to Section R 5.1.2 of the Recommendation
(Buckling about the x-axis)

reduction coefficient with respect to buckling
slenderness parameter

calculated moment about the x-axis or an eccentric
axial force, M, is the product of the axial force and
its eccentricity with respect to the centroid of the
effective cross-section at uniform compression
I./1, where I, and I, are the moments of inertia of
the reduced cross section in pure bending and the
full cross-section, respectively, and

design value of moment about the x-axis in pure
flexure according to Section R 4.2.1 of the

Recommendation.
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It has been established earlier that in-plane behaviour is
being considered for torsionally stable members. Therefore for
the sake of comparison and uniformity, Egqg. (3.24) is modified
to reflect the influence of varying moment along the member as

done for AISI. Thus, Eg. (3.24) becomes

N 1 M,
1 - —£<1.0
Nyt . N(xAl)? My (3.25)
NXJQI-’RX

where
Mcq - B * I4II\J\

and B’'= moment coefficient taking account of the moment

distribution aleng the member.

For instance, when a uniformly distributed 1load Iis
considered and from Table 6.2.2 of the ECCS recommendation, B’

= 1,0. Hence Egq. (3.25) is reduced to:

N, 1 &“”91.0
Nya . N(xal)2 My (3.26)
Nl

Similar to the criteria of AISI, the interaction curves
expressed as a function of load ratic are also influenced by
the 1local buckling phenomenon. See Fig. 3.5. Different
failure surfaces are exhibited for varying values of the form

factor Q,.

55




»E\.sz

suWwNO)—-Wwoag Payojos| 405 saany ubisag $953 S°C *Ol4

001 080 090 ov0 0e0 Q0Q
_Hp_...w_._.._.»»_.-__._plr..rrp_,.p.._..___—-..____.ur..rDO.O
og=y F
MW/NDOOL L 2= -
== MUW/NGLZ=Y F 0Z'0
S A
T4 ovo
N ;
090 = ~~~ N E:
080 = —— NN poev
0L =0~ ~ < F
o N
\ E 080
C 00’1

KL

d/"d

56



{.1”/’ }d"

WS TS -

.._\. ", 9 I
_ N ‘
0.80 - . N
: Ny, = |
e S |
G .
0.60 \x |
] . T 1
] \\
0,40 R
: N
e R
A= 14 .
0.20
Dm -‘-ﬁ rrrrry ] T m':_l_!"f“."l"l
0.00 0.20 0.40 0.60 0.80 1.00 1.20

Fig. 3.6: Comparison of Interaction Equation and Test Results

(X = 14)
PSPy
1.00
1
; ____ ASI, 1968
] ___ ECCS, 1987
1 — _ Usami & Fykumoto, 1584 \
| ooo0 Expt. (Chiew et al, 1987)
0.80 7 ’
F, = 249N/mm?
] £ = 202000N/mm’
. b/t = 80
1 A = 34
0.60
0.40
0,20 -
Dvm‘l'll'l_ll'l'l"ll'TTTT"ll l‘lll""ml"ﬁ"!’jf’il!ll!l
0.00 0.40 0.60 0.80 1.00

Mo/ M,

Fig. 3.7: Comparison of Interaction Equation and Test Results

(A = 34)

57



? AISI, 1968

i - - - - ECCS, 1987
0.60 4 — — Usomi & Fukumoto, 1984

1 00000 Expt. (Usomi & Fukumoio, 1984)

F, = S68N/mm’

i £ 213000N/mm?

i b/t = 44
0.60 o A = 40

jo N

' ._1\‘\\__
0.40 :: “F. \\.\

4 )] * - _‘L _:‘\_

1 E “\

i N -~
0.20 i N ‘%‘w .

1 . -

; ~ i

1 ~ R e NS

1 - S~ :“\.“\
Q.00 - 1'“1"1:1‘-1"1-— 7 77‘1: ™ M /M

0.00 0.20 0.40 0.60 0.80 100 7
Fig. 3.8: Comparison of Interaction Equation and Test Results
(A = 40)

P./P,
T,ﬂ'\]j
050 _ AISI, 1968

1 .. . ECCS, 1987

— — Usami & Fukumota, 1984
wwwsw Ewpt, (Usami & Fukumato, 1984)

0.60 }‘ F, = BEBN/mm’

1N £ = 213000N/mm’

J \ b/t = 44

NG A o= 65

M, /M,

Fig. 3.9: Comparison of Interaction Equation and Test Results
(A = 65)

58



3.4 Justification of the Design Equations

Before sensitivity analysis, as intended, is carried out
the two design equations under examination are contrasted with
experimental results. On the basis of available data (e.g.,
Little, 1978; Usami and Fukumoto, 1984; Chiew et al, 1987),
Figs. 3.6 to 3.9 show how well the load carrying capacity of
beam-columns are predicted by AISI (1968) and ECCS (1987). At
a low slenderness ratio of about A = 14, both design equations
give a conservative estimate of the strength. In the
intermediate range of slenderness, cases of unconservative and
conservative predictions are obtained depending on the b/t
ratio. 1In general, the strength prediction implied by the use
of ECCS (1987) equation is more conservative than AISI (1968)

equation.

3.5 Allowable Stresses and Ultimate Capacities

The strength prediction of columns has a significant
contribution in the interaction strength of beam-columns. The
resolution of strength prediction for hot-rolled sections has
a long list of research documentation (e.g., Tebedge et al,
1969; Young, 1969; Nylander, 1969). As used in the AISI
Specification, the strength of a thin-walled column is derived
on the basis of the formulation for the hot-rolled sections.
But in general a number of reports on the strength prediction

of thin-walled columns based on analytical and experimental
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investigations is now available (e.g., Little, 1979; Hasegawa
et al, 1988; Hancock et al, 1987). The different appraisal
methods have led to various expressions denoting the strength
as found in the cited references, In this section, the
allowable axial compressive stresses and the ultimate
capacities employed in the interaction design equations of
thin-walled beam-columns represented by Egs. (3.18) and (3.26)

are hereby examined.

3:5.1 AIS] Specifications

When residual stress induced by cold-forming of the
section and the stress strain characteristics of the gradual-
yielding steel sheets and strips are considered and the
effective propeortional 1limit is assumed to equal to one-half
the yield point, the allowable compressive stresses for axially
loaded columns not subjected to torsional-flexural buckling are

expressed as:

oo Oy <oﬁy>*{£)= (3.27)
o n Ann?E \ I

when kL/r < C./V¥Q, and
- mE (3.28)

F
 p(kL/r)*®

when kL/r > C./VaQ,
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PP,

In Egs. (3.27)

and (3.28),

23/12, a safety factor

V (27°E/F,)

Modulus of Elasticity

allowable average compression stress under
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yield point of steel

a form factor which is 1less than  unity,
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and others are as earlier defined. For members composed
entirely of stiffened elements, Q, is the ratio between the
effective design area, as determined from the effective widths
of such elements, and the full or gross area of the cross-
section. The effective design area used in determining Q, is

based on the basic design stress F defined as (AISI, 1968):
}E}}/nu {(3.29)

where n, = 5/3.

The use of a uniform safety factor of 23/12 for members
not subject to torsional-flexural buckling is based on the fact
that cold-formed steel members are usually noncompact sections,

and connections are scmetimes relatively flexible (Yu, 1985).

The interaction effect of the local and glecbal column
buckling is envisaged as reducing the overall column strength,
the empirical manner in which the local buckling effect is
accounted for requires some examinations. This is moreso in
the face of uncertainties associated with strength prediction.
It has only been said that accumulated experience has proved
that the use of the form factor Q, is a convenient and simple
method for the design of cold-formed steel columns. The
question of how satisfactory it is in the interaction equation
seems not to have been answered. Even experimentally there are

no sufficient data on thin-walled beam-column elements.
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However, recognizable scatters exist among experimental
observations on thin-walled columns. Figure 3.10 shows the
comparison between the predicted capacity and experimental
results on celumns. The strength prediction given by AISI,
(1968) is almost in all cases higher than the experimental

values.

In the case of the allowable bending stress, the following
specifications are made as relevant to the cross-sections in

question:

F=F=(3/5)F, (3.30)

where members fail by yielding.

When the strength is governed by buckling instead of
yielding, reduced design stresses are used. For beams having

stiffened compression flanges or webs:

Fy=F,,=[1.21-0.00034 (h/t) /F,]10.60F,s0.60F, (3.31)

where
h = width of web or flange
t = thickness of web or flange
F,, = allowable bending stress.

Equation (3.31) is based on the computation of full web
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area and effective width of compression flange determined on
the basis of F,. The mode of failure considered in this study
is the yielding of a given cross-section. Thus, Eq. (3.30) is

appropriately employed.

3.5.2 ECCS Recommendation

The flexural buckling is taken as the criterion for
members with double or polar symmetrical cross-sections. Thus,
the design strength with respect to flexural buckling is used

in the interaction equation in place of the allowable stress in

compression. According to Section R 5.1.2 of the
Recommendation:

Nxd:xftyAg {3.32)
in which

x=F- FF’-Q,/FL”*Q, {3:33)

where

F=-;— Qw+ 1-!-11(1’—-0.2) (3.34)

In Egs. (2.32) to (3.34),

f, = design value of yield stress

A, = gross cross-sectional area
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Q = A,/A, ; A, = area of effective cross-section

(at uniform compression)

A= (L/im) (£f,/E)'"

L = effective length of member

i, = radius of gyration of gross cross-section

N = a(4 - Q) < 0.76

a = coefficient depending on type of cross-section

and plane of buckling (= 0.21 for hollow
sections).
In Eq. (3.32), x is a reduction coefficient which accounts
for the interaction of local and global buckling. From Egs.

(3.33) and (3.34) it is clear that

x = Q, when A’ < 0.20 (3.35a)

X = 1/A? when A—» o (3.35b)

Equations (3.35) represent the behaviour at two extreme
ends (i.e., very low and high slenderness parameter ranges).
Figure 3.11 depicts the comparison between Egq. (3.32) and
experimental results. There is a general fair prediction of the

column strength at least for cases where Q.6 = 1.00.

On the other hand, the design bending stress, M,, is

expressed as

de=ft‘.ywuff (3.36)
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when yielding first occurs at the compression edge of the

section of members not subject to lateral buckling. In Eq.
(3.36),

f, = design value of yield stress, and

W.,; = section modulus of the effective cross-section.

In general there are different appraisal methods for the
strength prediction of thin-walled columns (e.g. Cescotto et
al, 1980; Rondal and Maquoi, 1985; Pignatario et al, 1985;
Gradzki and Kowal-Michalska, 1985; Loughlan, 1983) and beams

(e.g. Boswell and Zhang, 1983; Boswell and Zhang, 1985).

3.5.3 Comparison of Ultimate Column Strength with

Experimental Observations

Examination of the interaction design equations has shown
already that they are built wupon the knowledge of the
individual behaviour of column and beam. The formulations for
the strength of compression members are of major interest in
Sec. 3.5.1 and 3.5.2 since they play a major role in the
interaction behaviour. Thus, in this section, the adopted
design equations are compared with experimental investigations
on column elements. In Fig. 3.12 the strength predicted by
AISI (1968) and ECCS (1987) are compared together with
experimental tests. For cases of no local buckling the two
predictions agree well with experimental observations while

they both overestimate the capacity when local buckling is
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considered. It is also noticeable that in either case (i.e.,
with and without 1local buckling) the AISI predictions are
higher than those of ECCS indicating that the AISI has higher
tendency to overestimate the column strength than recommended

by ECCS.

3.6 Effective Width Parameters

The design equations discussed in Sec. 3.3 and 3.5 reflect
a parameter Q, which shows the effects of local buckling. The
basis of its derivation using the well known ccncept of
"effective width" is briefly here reviewed. Using this concept,
the most severely buckled portions of an element are assumed to
be ineffective in resisting load, and the applied compression
stress is resisted by effective portions situated adjacent to
the supported edges. This idea is diagrammatically presented

in Fig. 3.13.

The effective width expressicn adopted by AISI (1968) for

stiffened elements is of the form:

.%4.9{173—,,1-_0%%5,/17?,] (3.37)
where
b = the effective width of plate after local buckling
t = thickness of plate
w = initial width of plate before local buckling
g, = yield strain.
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Similarly, the recommendation of ECCS (1987) shows an
expression of the form:

_1-0.22/4,

bo
D (3.38)
b, A

P

where A, must be greater than 0.673 otherwise, b'/b, equals

unity. In Eq. (3.38),

2,=0.526 (b, /t) [e,

Beside these two expressions there are other formulae
which have been derived by various researchers on the basis of
experiment or a combination of experiment and intuition. As
shown in Fig. 3.14 they differ quite significantly from each
other, Recent tests at the University of Strachclyde have
indicated that the use of an effective width criterion gives
accurate design analysis for many situations, so 1long as

realistic effective widths are used (Rhodes and Walker, 1985).
It has been observed that if a conservative expression,

such as found in (AISI, 1968 and ECCS, 1987) for the effective

width, is used withcut medification, then under combinations of
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bending and compression very conservative failure predictions
can arise (Rhodes and Walker, 1985). But the fact still
remains, the empirical incorporation of the expression into the
equation of beam-column can influence this conservatism. The
extent of this influence can be better shown using a
probabilistic technigue and not any other evaluation method
based on deterministic procedure. This should not be contended
since there is evident statistical nature of the associated

strength parameters.

Narayanan and Chow (1983) presented an energy method for
the analysis of axially loaded rectangular plates with initial
imperfections under nine different combinations of boundary
conditions. A number of different formulae for the effective
widths of such plates were derived which were shown, by
comparison with the test results carried out by other
investigators, to adequately predict the ultimate capacity of
plates. But in all cases, the initial imperfections have
significant influence on the ultimate capacity. 1In reality,
the exact magnitudes of these imperfections are not known and
could be randomly distributed. According to Narayanan and Chow
(1983), the actual imperfections in a plate feollow no general
pattern but their effects are mostly marked at or arcund the
local buckling load, and are most detrimental to the load-
carrying capacity if their pattern is similar in form to the

deflected shape due to local plate buckling. Therefore any
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estimate of the ultimate capacity of such plates include, to

varying degrees, some amount of uncertainty.

Iyengar (1988) gave an approximate derivation for the
effective width of a compressed plate. The expression was
proved to satisfy experimental data fairly accurately, and it
is by far different from the expressions found in AISI (1969)

or ECCS (1987).

All foregoing shows clearly that the problem of local
buckling has been tackled using different methods and any
particular conclusion adopted for design purpose should be
thoroughly evaluated using a method different from the
deterministic procedures. And in fact, a rigorous analysis of
the post-buckling action is considered complex (Ed. Dowling et
al, 1988), and only a simple and satisfactory soclution can be
obtained by using an effective width approach which is itself

an approximate solution.

3.7 Calibration Necessity and the Approach for Corrective

Measures

o S S | The Necessity

The review of the AISI and ECCS design criteria for thin-

walled beam-columns shows that:
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(1) the two criteria consider the influence of local
buckling phenomenon in their respective formulations.
And this is clearly accounted for by the use of the

effective width concept.

(2) The effect of local buckling is limited to a certain
range of slenderness in AISI whereas it is considered

for all practical values in ECCS,.

(3) AISI utilizes the Allowable Stress Concept while ECCS
recommends on the basis of Ultimate Carrying Capacity

Concept.

(4) The influence of mode interaction (i.e., local and
global buckling interaction) is considered in the two
formulations which is to imply that a low probability
of overestimating the 1load carrying capacity

(Kolakowski, 1987) is aimed at.

(5) For the condition of small axial load, the moment
magnification factor is ignored in AISI but not in

ECCS.

Rhodes and Walker (1985) remarked that it is difficult to
ascertain which of the approaches, ranging from the AISI

Specification which implies that local buckling does not affect
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long columns, to the ECCS Recommendation which implies
significant local buckling effects, is more realistic.
Eventhough experimental results are found to Jjustify each
approach, the topic is yet to be conclusively solved and
further research is advocated. However, it has been noted from
observations made on thin-walled square box-sections (Murray,
1987) that a number of interesting phenomena which can be
explained in terms of the interaction of local and global
elastic buckling followed by plastic mechanisms cannot be

treated using simple empirical rules.

Whether the design equations are based on combined
experimental and analytical judgement, it 1is clear that
inaccuracies exist in physical models resulting from
uncertainties in similitude. Conditions and mathematical
models deviate from the prototypes because of their idealized
nature (Uitto, 1979). With very few exceptions, it is rarely
possible to make highly accurate predictions about the
magnitude of the typical civil engineering structures to
loading even when the governing input quantities are known
exactly (Thoft-Christensen and Baker, 1982), This is to say
that the response of typical structures and structural
components/elements contains a component of uncertainty
occurring as a result of simplifying assumptions, unknown
boundary conditions and the unknown effects of the other

variables and their interactions which are not included in
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modelling (Thoft-Christensen and Baker, 1982). In 1981, Ballio
and Campanini described the approximate procedures for the
prediction of the interaction capacity of beam-columns as being
erroneous on the side of safety and are sufficiently general to
include all cases relevant for design. This implies that no
design equation can necessarily include all variables affecting
the behaviour which may not easily be quantified since it is

clear that certain uncertainties are obviously unmeasurable.

The variation of the section modulus with the yield point
of steel employed to cold-form a member, as pointed out by Yu,
(1985) gives an indication that the question of adequacy of the
design criteria requires a probability-based scolution. Another
factor of importance that can influence this property is the
accuracy of the linear method of computing the properties of a
given section which depends on the thickness of the steel sheet
to be used and the configuration of the section. An error of
less than 1% in the computed moment of inertia of two
arbitrarily chosen channel sections when the material is 6.35mm
or thinner was reported. This error seems small but it exists

and its randomness can be of significant consequence.

In 1975, Freudenthal wrote: ".......... it seems absurd to
strive for more and more refinement of methods of stress
analysis if, in order to determine the dimensions of structural

elements, its results are subsequently compared with the so-
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called working stress, derived in a rather crude manner by
dividing the values of somewhat dubious material parameters
obtained in conventional material tests by still more dubious
empirical numbers called safety factors." Further still, the
use of partial safety factors defined deterministically has
also been regarded (Cornell, 1975) as inadeguate for ensuring
structural safety against the uncertainties inherent in
loadings, material strengths and response. Iyengar and Gupta
(1980) agreed that reliability-based design provides a more
realistic treatment of the inherent uncertainty because of the

limitations associated with the deterministic approaches.

The design interaction equation is an embodiment of a
number of parameters. And so, the resulting predicted strength
is subjected to the consequence of some factors of importance
which may themselves be random in nature. Some of such

influences were pointed out by Herzog in 1969.

In terms of material strength, investigations are numerous
on the yield strength and residual stresses in steel components
(e.g., Tall and Alpstein, 1969; Baker, 1969; Borges and

Castanheta, 1875) and scatters have been observed.

Of consequence too, are the uncertainties associated with
the applied loads (Gumbel, 1975) which of course, are usually

accounted for by introducing load factors. The use of partial
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safety factors is seen as covering a wide spectrum of various
influences which are due to the properties of loads or to the
properties of structures. But the character of the influences
is wvery heterogencus and thus, the different methods of
establishing the values of the partial safety factors have
certain drawbacks. Some of these drawbacks have been

extensively discussed (e.g., Tichy, 1969).

In 1969, Beer remarked that the causes of failures and
collapses of steel structures have always been due to
negligence on the part of the designer or constructor and more
or less serious errors in the application of the principles of
technology, and of sgetructural design and of the rules of
calculation. The causes might have been reduced but not
completely. This is because both measurable and unmeasurable

errors do exist.

The 1local buckling effect 1is accounted for in the
interaction equations of thin-walled beam-columns empirically.
This is clear from the basis of the derivation of the strength
of thin-walled columns (e.g, Winter, 1970; Johnson, 1976; Yu,
1985). Different investigations on the interaction of local
and global buckling of cold-formed components show that the

problem is under constant pursuit for definite clarifications.

Since the question of satisfactory performance cannot be
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effectively handled using a deterministic technigue and from
Yu’s statement (Yu, 1985), any formulation based on the form
factor, Q,, must be thoroughly examined via a probabilistic
methodology. The emphasis is that every prediction to model

the state of the real world involves uncertainties.

The interaction of overall bending with the primary local
mode has been shown to trigger a secondary local mode having
the same wavelength as the primary. A three-mode analysis was
proposed by Sridharan and Ali (1986) and their results
demonstrate some of the intricacies in the behavicur of thin-
walled elements. In 1988, Sridharan noted in a study on the
behaviour of thin-walled columns that in order to account for
the interaction of plate elements, the exact local critical
stress should be used in the effective width formula. And that
to obtain a reliable and safe estimate of the column strength,
the collapse load given by the design methods should be
multiplied by an appropriate factor which must itself be a
function of the key parameters governing the problem. And

moreso, such a factor should be statistically derived.

Since the thinness of the walls of cold-formed components
leads to the consequence of the local buckling which affects
significantly the ultimate capacities of such elements, the
contribution of the statistics of the effect requires a clear

clarification. 1In addition, the examination of the interaction
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curves at varying values of the form factor, Q,, shows that the
beam-column capacity is a function of the factor. 1t is then
meaningful to formulate to show the significance of its
statistics on the statistics of the complete interaction
capacity. And any evaluation of the interaction strength as a
single variable is regarded as a "lumping" of contributions of
the statistics of the important parameters making up the
resistance. Therefore in this investigation, a generalized
formulation 1is adopted to reflect the contributions of

parameters that are considered important.

3.752 The Approach

As noted in the preceding Chapter and with regards to the
different reasons pointed out in Section 3.7.1, the need for
sensitivity study is justified. A deterministic model is seen
as one in which the behaviour of each variable is known with
certainty. But this is naturally unrealistic, It is then
conjectured more appropriately to utilize a probabilistic model
in which the behaviour of each variable is described by a
probability distribution. Actually, any model in which at
least one input variable is random lends itself to a

probabilistic model (Rau, 1970).

This study involves defined stages. The first stage
comprises the examination of some key parameters in the

interaction equations so that the consequence of variability in
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them can be established. Following this, is the second stage
in which the complete interaction equations are evaluated under
assumed practical values of possible inherent uncertainties.
On the basis of the information obtained from these two stages,
the third stage is established. At this stage, the implied
safety levels of the current codes (i.e., AISI, 1968 and ECCS,
1987) are calibrated using the First-Order Reliability Method,
FORM (see Chapter 4) and subsequently, based on cost-
effectiveness analysis a target safety level appropriate for
each code is derived. This target safety level provides the
basis for transition from the current codes to their respective
optimized Limit State Design Formats which offer uniform

reliability levels within practical lecad combinations examined.
In the following Chapters the details of the development

of the calibration models, sensitivity analysis and the actual

calibration task are presented.
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CHAPTER 4

UNCERTAINTY ANALYSIS METHODS

4.1 Introduction

The behaviour of thin-walled elements 1is very much
different from the hot-rolled components. The difference
arises from the thickness of the walls employed in cold-forming
which leads to the local buckling consequence. The manner in
which AISI and ECCS account for this effect in the interaction
of beam-columns is based on approximation. Yu (1985) remarked
that accumulated experience has proved that the use of the form
factor Q, in AISI formulation to account for the effect of
local buckling in thin-walled columns is a convenient and
simple method for design of such components. The guestion of
whether or not a satisfactory performance on the basis of the
approximation is achieved cannot be cordinarily answered using
a deterministic approach. Thus, a probabilistic approach is
offered as a more meaningful tool for evaluating these criteria
and for proposing measures that will lead to uniform level of

reliability.

Methods for evaluating uncertainty measures depend on the
form of the data and information available (or even lack

thereof). Some methods were described by Ang and Tang, (1984)
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and they noted that depending upon the situation at hand, ad
hoc, methods may sometimes have to be devised when necessary.
To evaluate the two design criteria (i.e., AISI, 1968 and ECCS,
1987) and in order to propose modifications for the benefit of
establishing uniform level of satisfactory performance,
reliable techniques are required. Hence, in this chapter a
number of such techniques are discussed and based on their
merits, the relevant ones are adopted to achieve the objectives

of this investigation.

4.2 Statistical Moment Generation Techniques

Generally, it is difficult to find the density function of
random variables. However, for engineering purposes the
knowledge of the moments of the transformed random variable is
useful {(Kapur and Lamberson, 1977}. Both the exact and the
approximate approaches for deriving the moments of a function
of n random variables are discussed in Sections 4.2.1 and 4.2.2

respectively.

4.2.1 Exact Approac
Glven a function g = f(¥,. ¥Ypescecosevvesssesss; ¥,) Where
Y, are continuous, its mathematical expectation can be obtained

as (Ang and Tang, 1975; Smith, 1986)
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B(Q) =E[£iy)] = .. .ff(}'j)f,‘_l'y:-}-jy.,

where 1 = 1, 2, ¢« « « « « 4+ + 4« « « , N,
For example, let

G =aY + b
with a and b as deterministic constants.

The expectation of G is

B(G)=E(aY+h) = f (ay+b) £, (y)dy

That is,

E(G) =afyfy(y) dy+bff,,(y) dy = ak(Y) +b

whereas the variance of G is

var(G) =E[ (G-pg)?]
=a’f(y—1.r.y) £.{y)dy

=a*vVar(y)

Generally, if
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b

c=Y a,Y, (4.6)

L
Pt

then the expectation is

E(G) =§-a;b‘(¥;) (4.7)
=1

and the variance is

n n
var () =;: ajvar(y,) +3y Y a;a;Cov(Y;, Y,
-t |

i}

(4.8)

Iy n

» a. 32

= p ajoy, +Z ); a,ap;0y 0y
=] ié

where p;, is the correlation coefficient between Y, and Y.

To obtain the mean and the variance of the function G
using the above relations, information on f,(y) is needed. But
in many applications the density function f,(y) may not be
known and information may be limited to the mean and the
variance of the original variate Y. And moreso, even when
fy(y) is known, the integrations involved may be difficult to
perform. Therefore an approximate technigque as in the next

section is considered practically useful.
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4.2.2 Approximate Approach

F=E(Y . Ve eeeeeennn Ve =aly) (4.9)

We shall denote the vectors of the expected values and the
standard deviations of y,, . . . . ¢ & <« ¢ o i Yu

respectively, as

p.=(|.l-l...--..--...;}1;‘) (4'10)

and

g le . » v vowwoan s i g B (4.11)

Then by Taylor series expansion, we obtain

g=f(y1| .o ow .;yn) zftpi' " s = oo .‘pn) +; gj,{y) l‘y-p{y‘[-pi) +

n

+

n
9 ) |yey (i) (7;-1)) +R (4.12)

wl i=l

where

g/=0g(y) /dv;

and

86



QU”(V) =3’1'9{V) /avfan

Taking the expectation of Eg. (4.12), we have

E(g) =f(}-‘j: ------ .P,,) “‘p Q'f_"':}’) I)'-ub,{yi_l’!'.">+
-1
n n
+p ;‘ g1 |y BL (=1 ) (vy-p) 1 +R (4.13)
-1 i-1
Since y7 1 = 1, 2; sivvus , n, are independent random variables,

and if the zero terms are ignored and the variables are

uncorrelated, we obtain

BIG =y o) 53 00 ) [ VIV ) +ER)  (4.14)

I=l

If Eq. (4.14) is approximated by dropping the remainder term,

then it implies that

E(@ =F(py, ... .. B %?_“; g1 () | V(¥ (4.15)

which is the Second-Order First Moment. In many applications
(e.g., Ang and Cornell, 1974), Egq. (4.15) is further

approximated by ignoring the second term so that
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Elg) ® £ igsan i s voain) (4.16)

which 1s the First-Order First Moment. It has been
demonstrated (Kapur and Lamberson, 1977) that Egq. (4.15)
provides better approximations than Eq. (4.16) because of the

higher order terms considered in the former.

Consideration of the first two terms of Eg. (4.15) leads

to the approximation for the variance of g(y), that is,

VIg) =g (¥) |yup) * V{!): g/ ) |y vy =8y
e

- E [g:‘(y) l'y-ul: V{Yj) (4.17)
i=1

Equations (4.15) and (4.17) are some of the fundamental

approximations employed in this study.

1f correlation among parameters are  taken into
consideration, the expectation and variance of g(y) will read,

respectively

n

1 n
ELQ) =f(py,vuvu,by) +E§E(9U”(w ly-g)coviy,, vy (4.18)
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and

vig) =Y [9:(0) |, X Y (94" [y)eoviyy vy (4:29)
Iy

1=3

Eq. (4.18) and (4.19) can be used to examine the sensitivity of
any parameter expressed as a function of other variables to

uncertainty in an approximate manner.

4.3 Regression Analysis

In this study, due to a numerical experimentation, the
development of a quantitative relationship between one
dependent variable and the other independent variable(s) has
become necessary. A straight line equation has been fregquently
a fairly good empirical statement of the relation between two
variables even when the true relation is more complex than the
straight can portray (Ezekiel and Fox, 1959). However, it may
be just as important to know the exact or approximate form of
the relationship as it is to have its empirical statement. It
is of use then to consider other ways of expressing a
relationship than the straight line. See examples of various
curves in Fig. 4.1 that may be used to describe possible
relationships. In this section, practical ways of fitting
linear, simple parabolic equations are briefly discussed.
Their applications are later demonstrated in the analysis of

the numerical data in the relevant Chapters.
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Fig. 4.1: Curves illustrating different mathematical functions

4:3:.1 The Linear Equation

Ordinarily, there are several ways by which a straight
line can be determined to show the functional relation between
two variables. One way, for example, would be simply to place
a ruler over the chart along the several group averages, or to
stretch a black thread over them, and draw the line by eye so
as to fall as nearly as possible along them. Although this

method might give fairly satisfactory results where only a
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rough measure was wanted, no two persons would draw their lines
exactly the same. However, 1t 1s considered advantageous
(Ezekiel and Fox, 1959) to determine a particular straight line
that could be exactly duplicated by other persons and yet
gqualify in some sense as the best possible straight line for
expressing the relationship in the particular set of data.
Hence, the regression method (Gunst and Mason, 1980; Mosteller
and Tukey, 1977) is considered a useful method for determining

the straight line.

Put in a simple form, the equation of the regression line

is
y":ao+al){ (4.20)
where
a,=Y-a, X
and
Y x-x0 (Y-
Y x-n?

In Eq. (4.20), Y’ is regarded as a prediction of the observed
value of Y for the corresponding value of X, if the
relationship between Y and X is not perfect (Edwards, 1976).
Thus, an error of prediction exists and can be given as
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y-yY'=y-(a,+a,Xx) {4.21)

Using the criterion of 1least squares method, it is
required that the values of a, and a, in Eq. (4.20) be

determined in such a way that the residual sum of squares, i.e.

Y (¥-¥)*=) [¥-(a,+~a;X)]2 (4.22)

be a minimum. Taking the partial derivative of the right hand
side of Eg. (4.22) with respect to each constant (i.e., a, and

a, ) and setting equal zero yields

3} Y=na,+a,y X (4.23)

¥ XY=a,Y X+2, ¥ X (4.24)

Dividing both sides of Eg. (4.23) by n and scolving for a,, we

have

a,=Y-a, X (4.25)

where

5>

Y ™
g‘ij‘
5[5

Then substituting Eq. (4.25) into Eg. (4.24), we obtain
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Y Ar=(Y-a.0)Y X+a,y x*=n%Y+a, (Y X*-nx*) (4.26)
Solving for a, yields

i m XY-nXy -
Y x?2-nx?

which is called the regression coefficient. It has been shown
(Bethea et al, 1975) that a, and a, are unbiased. Some
additional insight into the nature of Eq. (4.22) can be gained

if examined.

Let us recall, by definition

y'=a +a,X

Substituting an identity for a,, as given by Eg. (4.25), we

obtain

Y'=Y-a,X+a,X (4.28)

Summing over the n values, we have

Y ¥'=nY¥-na,X+a,y X

But

nxX=y X :.anE:Y
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Therefore

Y Y=Y ¥ (4.29)

Since Y’ = ZY, the mean of the predicted values must be equal

to the mean of the observed values of Y (Edwards, 1976).

Equation (4.28) can be rearranged to obtain

Y/'=Y+a, (X-X)

Then it follows that an error of prediction will also be given

by
y-¥'= (Y-1) -a, (X~ X) (4.30)
Let
y:?’—?; x=X-X
so that Eg. (4.30) yields
Y-Y'=y-a,x (4.31)
Squaring both sides and summing yields again
Y (y-Y)2=) y?-2a) xy+aly x* (4.32)

But
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and substituting into the preceding expression we have

() xy)*

Y X

(4.33)

Y (y-yH2=% y2-

It is now obvious from Eg. (4.33) that only if the
regression coefficient a, equal to zero could the residual sum
of squares, (Y-Y’)?, be equal to (Y - Y)?, because Zy’ = IZ(Y
- ¥Y)? measures the variation of the Y values about its mean

values. Thus, we know that there is no tendency for the Y

values to be linearly related to the X values.

On the other hand, if a linear relationship between Y and
X exists, regardless of whether it is positive or negative,

then

Y (r-rhc } (¥-12 (4.34)

The residual sum of squares becomes zero when the relationship
is perfect. In such a case, there will be no errors of
prediction. However, if there is no linear relationship, this
residual sum will be exactly equal to the sum of squared

deviations of the Y values from the mean values. Then the best
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prediction that could be made for each Y value would be its
mean values, since the prediction would minimize the sum of the

squared errors of the prediction (Edwards, 1976).

The standard error of estimate is simply obtained by
dividing the residual sum of squares by n - 2 (Edwards, 1976),

that is,

. \] z (y-y"H?2 (4.35)
i % 1

=2

In another form, the region of the measure of the variation of
the Y values about the regression line is described by the
confidence intervals. This aspect is not discussed in this
study but well documented elsewhere (e.g., Ott, 1984 ;

Chatterjee and Price, 1972).

&3 ;2 Parabolic Equations

(a) The Simple Parabolic Equation

There are cases where quadratic equations best fit the
regression line. In such cases, the following procedure was
put forward by Ezekiel and Fox (1959) for obtaining the
regression coefficients. To represent the relationship between

two variables according to the expression

Y=a,+a,X+a, x> (4.36)
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the coefficients a,, a, and a, have to be determined from the
observations. Hence, to determine these constants, the

following equations need to be solved

(Y x*)a,+ () xu)a,=) xv (4.37)
(Y, xu)a, + (Y u*)a,=) uy (4.38)

and
a,=M,-a,M, - a,M, (4.39)

Equations (4.37) to (4.39) are constructed as follows. Let U

= X! values of Eg. (4.36), then

M, LX e X (4.40)
n

M:E_U (4.41)

M=E_Y=}—, (4.42)
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Y x*=Y" x3-nM; (4.43)
Y xu=Y XU-nMM, (4.44)
Y u?=Y U2 - n (4.45)

Y xv=Y Xxv-nMmM, (4.46)

and

Y uy=) vr-nMpM, (4.47)

the solution procedure requires that the values of Egs. (4.40)
to (4.47) be first computed, then Egs. (4.37) and (4.38) are
solved simultaneously to obtain the values for a, and a,. Then
these values are substituted into Eg. (4.39) to cbtain the
value of a,. The Doolittle Method was recommended (Ezekiel and
Fox, 1959) for solving the problem. But the advent of computer

has simplified the solution technique.

(b) The Cubic Parabolic Equation
In an attempt to describe a particular relationship more
closely, the cubic parabolic equation is recommended. The

computational procedure follows the preceding section, although
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with some modifications. Let the equation of the cubic

parabola be expressed as

Y=a,+a,X+a,X*+a, x> (4.48)

The values to be initially computed are those in the previous

section. The additional computations are

M- 2” (4.49)

v 3

n
Y uv=) uv-nMM, (4.50)
Y} xv=Y xv-nMM, (4.51)
EV’=EV3-HMV (4.52)
Y vy=Y vr-nmMupm, (4.53)

where V represents the X’ values and U as earlier defined.

Having computed the above values, the following equations

are then solved simultaneously
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(Ex“‘)a}+(2xu)a,+(Exv)a‘=2xy (4.54)

(Y xuw)a, + (Y u?)a,+ (Y uvra, =Y uy (4.55)

(Y a,+ (Y una,+ (Y vha, =Y vy (4.56)

Then the value of a, is obtained from

a,=M,-aM -a,M, -a,M, (4.57)

Parabolas of higher orders can be attempted using a similar
approach but such situations are not expected in this
investigation and such have also been described as rarely

useful (Ezekiel and Fox, 1959).

4.3:3 Multiple Analysis

The nature of the observations for a specific problem
determines the type of the regression function for fitting the
appropriate relationship. The numerical experimentation
conducted in the later part of this investigation shows that a
regression analysis which relates a dependent variable to more
than one other independent variable may be required. Very

briefly the multiple regression analysis for linear models, as
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may be found applicable to the present problem, will be

reviewed.

The general form of a 1linear regression function
associated with one dependent variable and two independent

variables (i.e., a plane) for a universe is (Parsons, 1974):

01,235 @ 204Dy 03 X, v Dy o X, (4.58)
where
U is the conditional mean of X, associated with a
specific value of X, and X,.
a;,; 1is the conditional mean of X, associated with X, = 0 and X,

= 0. a5 is the X, intercept.

b, and by;, are referred to as partial regression coefficients.

b,3 1is the change in the value of #,,; associated with a one-
unit change in the value of X,. The value of all
variables indicated to the right of the period in b,, are
presumed to remain constant. b,,; is the slope of the
plane with respect to the X, axis.

b;;, 1s the change in the value of ¥,,, associated with a one-
unit change in the value of X;. The value of all
variables indicated to the right of the period in b, are
presumed to remain constant. b, is the slope of the

plane with respect to the X; axis.

To determine the constants a,,,, b,; and b,,, certain
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assumptions are essential, viz:

1. The conditional means are linearly related, That is
to say that the regression function is a plane.

2s All the conditional probability distributions of X,
are normally distributed. There is a separate
conditicnal probability distribution associated with
each conceivable pair of X,, X, values,

3. All the conditional standard deviations are equal.
0, is a measure of the variability in X, when the
values of X, and X; are held constant. This measure
of dispersion in the <conditional probability
distributions is presumed to be the same for all

combinations of X, and X;.

The typical unknown in the problem is the universe
regression function which will be estimated from sample data.

The sample estimates takes the form:

X1.23=‘i'1.23+j12,3xz+j13.2-x3 (4.59)

The least~squares criterion is utilized to determine the
coefficients of the regression function, i.e., Eg. (4.59).
That is, the values of 1i,,, Jj;3 and j,;, which minimize the

function:

Pe), (X =1y aa=FianXs=T45,2%) (4.60)
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are determined. This requirement leads to the following

equations that must be solved simultaneously:

E‘xl:nil.za*jlz.3zxa*j13,zzx, (4.61)
EX:X.?:]‘L?JEX:*ju_QZX'f+j13_322§;x} [4-62)
Y XX =1, Y XG0 XX 4T 0Y, X (4.63)

Visualization of the regression fitting process can be
facilitated by plotting the observations on a scatter diagram.
with one dependent and two independent variables, the scatter

diagram is three dimensicnal as shown in Fig. 4.2.

| 4 / J

] -'/‘. - . - ¥ ’

TS S TR AR ST i e
o 0 i 40 50 w0 P P

Fig. 4.2: Trivariate Observations in 3-Dimensional Space
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4.4 Determination of Failure Probabilities

As a measure of rational belief on the occurrence of an
accident during a reference time, probabilities can be assigned
to given accident scenarios (Borges, 1977). For instance, the
collapse of a building or a bridge, being a structural failure,
the accident can be described as a 1limit state. Since
different limit states can be defined based on structural
requirement, the performance of an engineering system can be
measured with regards to these states and the levels of
reliability associated with them. Thus, reliability may be
defined as (Frangopol and Dotreppe, 1978; Calibro, 1962): the
probability of a successful operation of a device in the manner
and under the conditions of intended use. However, as employed
in this study the definition precisely is: probability that
the resistance of a structure exceeds the locad effects (Lloyd
and Lipow, 1962; Dover and Bea, 1979). By inference the

probability of failure is obvious.

During the last decades, methods for computing theoretical
failure probability have been developed. These methods are
based on the fact that the failure condition is expressed as a

function of several random variables.

In general, let Y be the random vector of the uncertain
variables such as the strength of materials, dimensions,

actions or quantities expressing the uncertainty in the
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physical model for a given limit state function, having a joint
probability Fy(y). The probability of survival of a structure
for all realizations Y in the safe domain AS can be expressed

as
ps-Rn‘[de(x) (4.64)
- |

The safe domain AS is separated from the failure region AF by

the limit safe function.

The determination of Eq. (4.64) for arbitrary type and
dimension of the uncertainty vector Y and the typical
complexity of AS in civil engineering problems has been a major
difficulty for which several methods have been proposed. Once
P; is known the probability of failure P, can easily be deduced
using P, = 1 - Pg. In this section various attempts to solving

this relationship are reviewed.

B S | Simple Exact Solutions

In order to compute the reliability of a system or a
component, the nature of the stress, A, and strength, A,, as
random variables has to be known. 1In a general term, we assume
that the density functions for the stress and the strength are
known. The basis of reliability computation using the
interference theory (Kapur and Lamberson, 1977) is that the

probability of the strength exceeding the stress is tractable.
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Let

fis(As) = density function of the stress A
and

fai{h) = density function of the strength A,

By definition (Kapur and Lamberson, 1977; Lloyd and Lipow,
1962)

Reliability, R = p(Ay > A = P(Ax = Ag > 0) (4.65)
The situation is depicted on Figs. 4.3 and 4.4. The shaded
portion represents the interference area which indicates the
probability of failure. The region depends on the relative

positions of f,,(Ay) and f,,(A) .

As the two curves become further apart, P, (the probability
of failure) decreases, whereas P, increases as they become
closer. 1In a similar argument the overlap is dependent on the
degree of dispersions in f,;(A;) and f,s(As). The probability

of a stress value, A\ lying in a small interval of width dA,

s 1

is equal to the area of the element d),, that is,

4139- d;-f 51,04 dzl'g]:fl‘(lso) d}.s (4.66)

106



and

Fig. 4.3: Stress-strength Inference

Fig. 4.4: Enlarged Portion of the Interference Diagram
for the Interference Area
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Hence,
PAg>h,g) = [ £, (Ag) dhy (4.67)
R

is the probability that the strength A, is greater than a
certain stress A,. for the stress value lying in the interval
dA\, and the strength A; exceeding the stress given py this

interval,
2,415 dl.sf; £, (Ag) dAp (4.68)

becomes the probability of this situation provided the stress

and the strength random variables are independent. Thus,
pAg>iy) =R=£:f1’(ls? [j;-f;,(lx) dAgl dh g {4.69)

Equation (4.69) will now be examined for assumed distributions

for Ay and A;.

K% Liwl Normally Distributed Stress and Strength (Normal-
Normal)

Assuming the stress and the strength random variables are

normally distributed, that is,

-/ A.<u1 ¥
fh(ls}=Me _0,5.__1__}_"& , < Agl o (4.70)
01' a’.,

for the stress Ay and
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a, 2 a,

~ &

2 Ap- . o
fh(lx)z.izll:i_ex -nl[_ﬁ_lﬁi]]'w<lg<w (4.71)

for the strength A,, where

ks = mean value of the stress, A

0,s = standard deviation of the stress, A
K,y = mean value of the strength, A,

g, = standard deviation of the strength, A,

Let the safety margin be formulated as

M=A,-Ag (4.72)

which measures the relative position between f,;(A,) and £, (A;).
Since A\; and A, are assumed normally distributed, M is also a
random variable whose distribution is Gaussian. See Fig. 4.5.

Thus, it has a mean value of

Bau=Hi, ~ B, (4.73)

and the standard deviation of

qH=1la§’+a§‘ (4.74)

The probability of the strength A, exceeding the stress A

is expressed as

R=p(M>0)
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That 1is,

3 2
R=f‘ , (- _}ﬁ(*‘f l*.--r] ](m (4.75)
0 o 2R 2 Oy
If we make
gl (4.76)
Oy
then
0,dz=dM (4.77)
fjqim)
'”u"'ﬂ
Area s pp -
(4] Foa ) —_m

Fig. 4.5: PDF of Safety Margin
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When M = 0, the lower limit of z in eq. (4.75) becomes

Pa, ~Hi,
e ——— (4.78)

‘fﬂlx"'ﬂax

and when M - + ®, the upper limit of z - + . Therefore Eq.

(4.75) can be simplified as

L -z? 4.79
mf-'exp( 3 }dz ( )

R=

In terms of the coupling equation (4.78), the reliability

can be expressed as

Rzl—d)[— ¥, " Fa, } (4.82)

2 2 \1/2
(a3, +03,)

while in terms of the reliability index, B,

R=1-®(-B) (4.481)
so that
Ba, "B,
-— 4.82
P (a£+ai)1/2 { )

Equation (4.82) represents the measure of safety of the systenm
and has been considered a more meaningful measure of safety
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Fig. 4.6: BSpace of reduced variate A,’ and A’

than the traditional safety factor (Smith, 1986). Assuming the

variables A, and Ay are expressed in their reduced variates,

respectively as

A= (Rg-p,) /0y, (4.83)
and

15!:: (A‘S_pl,)/cl, (4'84)
the implication of Eq. (4.82) is shown in Fig. 4.6. By

definition, the determination of the failure probability

becomes a matter of a simple mathematical relation (e.q.,
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Woeste and Schaffer, 1979) of the type:

Po=1-R=1-(1-D(-p)) =®(-p) (4.85)

in accordance with Eg. (4.81).

d:4.1,2 Lognormally Distributed Stress and Strength
{Lognormal-Lognormal)

The standard form of a lognormal density function is

Folt) =—2 x;{_JL_EEE:iizl; £50 4.86
A8 =z e 2( a ) PR08)

where t is the random variable. The parameter i and o are the
mean and the standard deviation, respectively, of the variable

Ilnt which is normally distributed.

Suppose the strength, A;, and the stress, A, are

lognormally distributed, and we assume that

t=Arg/hy (4.87)

It then implies that

Int=1nA,-1ni, (4.88)

Since both 1nA; and lnAg are normally distributed, it follows

that 1lnt is also normally distributed.
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The log-normal density function is positively skewed and
hence the median is a better and more convenient measure of its
central tendency (Kapur and Lamberson, 1977). This means that
the antilog of the mean of 1lnA, is the median cof f,,(.), and
that of 1nA; the median of f,(.). If m\, denotes the median

(i.e., the 50th percentile values) of Ay,
Bi, =1n(mi,) (4.89)
and similarly for the stress A
By, =1n(mdg) (4.90)
From Eq. (4.88) we can write
Bone =1n{mA,) -1n (mAg) (4.91)

It is known that

alntsvalnl,'baln.l, (4.92)

Therefore from the definition of reliability, we have

Ap -
Ra;{Tn]-L f.(t)dt (4.93)

2

Let

o P (4.94)

ajnc
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which is a normal variate. To find the limits of integration
we have: when t = 1 and when t —- o, z — o, and from Egs.

(4.21) to {4.92)

__In{mig) -1n(md )

h (4.95)
V%1na, *COlni,
Thus, the reliability expression becomes
R=f'<:>cz)dz (4.96)
£

where ¢(z) is the pdf for the standard normal variate z. The
reliability index, B, in terms of the coupling equation (4.95),
is

_ In(mhg) -1n (mh,)

B

Fp———— (4..37)
Y 9lnd,*Olai,

Employing small variance approximates (Committee, 1982;
Galambos, 1972), Eq. (4.97) is used in reliability computations

(e.g., Ang and Cornell, 1974; Ellingwood and Ang, 1974), as

g inlia/Ag)

- 2 4.98
(Q3,+03 )" e

in which 1, are the coefficients of variation of the random
variables A,. Equation (4.98) is an equivalent of Egq. (4.82)

and in many applications Egq. (4.98) has been much preferred
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(e.g. Ang and Cornell, 1974; Leporati, 1979; Rosenblueth, 1972;
Cornell, 1967; Galambos and Ravindra, 1972; Parimi and Lind,

1976; Ravindra and Galambos, 1978).

When the stress and strength assume distributions other
than normal and lognormal, reliability computations can also be
done (e.g., Kapur and Lamberson, 1977) analytically. However,
in any case, the stress and strength are treated as the only
random quantities and not as functions of any other variables

of which they represent.

4.4.2 Approximations

In the previous section, the determination of Py, from
which P, is computed, appears to be tractable and less
cumbersome. This follows as far as the resistance and stress
are represented as the only uncertainties not expressed in
terms of other variables of the vector Y. As a matter of fact,
resistance and loading effects are functions of other
quantities which may be random in nature and assume any
probability distributions. Consequently, Eq. (4.64) turns out
to be multidimensional and analytical solution presents a
formidable task not easy to perform in routine design practice.
On these grounds, approximate procedures have evolved. The
present section deals with the review of the fundamental

concepts of such methods.
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4.4.2.1 The Mean First Order-Second Moment Method (MFOSMM)

This method involves the statistical character of the
uncertain guantities in the safety analysis described by their
means and variances, even when their probability distributions
are unknown. For the Jjoint probabilistic behaviour, the
correlation coefficient is employed and moments of higher

orders are not used.

Assuming a limit state function defined by

Z,aho=h, (4.99)

where the variable A, and Ay denote the effects of the material
strengths and of the actions respectively. If each of these

variables is expressed by means of their functional relations:

Ky w @ p ¥y e Ve aion « ¥a) (4.100)

and

A‘s:gs(ymxoymzr«o-:_Yn), (4.101)

the limit state function (Eg. (4.99)) becomes

sz (Yizyz.:-..-»,}’n) (4-102)

in the space of the basic variables Y,.

Expanding Egq. (4.102) in power series in correspondence
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with the mean values of the basic variables, neglecting

nonlinear terms, we obtain

n
z:f:g(ph,p.y,, i i 'I'L"..) +?: gflnr,(yf‘“!’;) (4.103)
-1

where

9’|

l"?,

indicates the partial derivatives of the limit state function

w.r.t. each basic variable calculated at the mean values u,,.

If the variables Y, are independent, then

B =Gy s By e e e s fby) (4.104)

and

osi- (T (8:10%

A measure of risk can be estimated by introducing a parameter

B as

Butty (4.106)
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Since no assumption is made about the statistical distribution
of the random variables, the distribution of the safety margin
Zy 1is also undefined. The drawback consequently limits the
information on the reliability associated with a given value of
B in Eg. (4.106). However, if the 1limit state function is
approximately linear, the central limit theorem of probability
calculation suggests that the distribution of Y should tend
toward the normal distribution. It then follows that the

probability of failure P, can be estimated using

Pp=1-® () (4.107)

in which ¢#() = cumulative probability distribution function of
the standard normal variate (Ang and Cornell, 1975; Benijamin

and Cornell, 1970).

In practice, this method has some advantages owing to its
operational simplicity. TIts major drawback lies in variance
consideration. This 1lack of variance can be explained

considering a failure criterion, 2,, involving two variables A,

and Ag:

Zy=hp-Ag<0 (4.108)
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Zy=(Ap-dy)?<0 (4.109)

Z,==2-1<0 (4.110)

Zy=1n{Ag/hg) <0 (4.111)

All the four criteria are equivalent provided that A, and A are
positively defined as represented in Fig. 4.7, From the
computation of the mean and the standard deviation of 2, in
accordance with the MFOSMM operational schemes, the values of
the parameter B obtained from the various criteria are not

necessarily the same,

4,4.2.2 Hasofer and Lind Method (HLM)

This method rests on the assumption that most, or at least
an appropriate fraction of the joint probability density of the
variables involved are concentrated in the hypersphere whose
radius is described by a parameter § and consequently they are

associated with values of the variables belonging to the safety
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Fig. 4.7: Various Failure Criteria
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domain. The task involved can be described as follows.

Let Y be the vector of the basic uncorrelated random
variables involved in a given structural problem whose
statistical character will be described by their means and
variances. If correlation exists between the uncertain
variables of Y and it 1is expressed in terms of a known
covariance matrix, through orthogonal transformation these
variables can be replaced by the corresponding uncorrelated

ones (Hasofer and Lind, 1974).

TL

T 8 N ——— o (4.112)

be the boundary of the safety domain, éS. That means, the

values of Y belonging to the failure domain satisfy the

inequality:

zy=g(y) <0 (4.113)

The task in the HLM consists of projecting the limit state

function in the space of standardized variables, i.e.,

u1=_._yi'p"1 (4.114)

ﬂy_‘

Then from the origin of the axes of the reduced coordinates,

122



the minimum distance § to the transrormed surface:

(4TI .u,) =0 (4.115)

Fig. 4.8: The Minimum Distance [

is measured. In brief the operation invelves the following

n
=mim’;:nﬁ (4.116)
=1
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subject to:

GU oty v vesvans oill,) %0 (4.117)

Having found [ the computation of probability of failure is

resolved using the relation (4.107), that is,

P =1-0(p) (4.118)

The concepts upon which this method is based have a
substantial contribution toc the evolution of the second moment
theory and have more or less inspired other proposals discussed
subsequently. However,in spite of the clear definition, the
computation of # is by no means easy especially for safety
domain boundaries of any given form presenting peaks and local
minima (Leporati, 1979). The method also does not take full
account of the geometry of these surfaces, since it considers
oenly their point of contact with the hypersphere centered at
the origin of the axes of the reduced coordinates (Fig.4.8).
Consequently, the information contained in f is limited and
since no assumption is made as to the distributions of the
variables, the probability of attaining the limit state is

left, in a broad sense, undetermined.
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Fig. 4.9: Relationship between [§ and p, for varying
degrees of freedom

For instance, if the limit state surface is a hypersphere
centered at the origin having a radius 8, this surface in the
space of the standardized variables, has equation.

glu) =p2-v (4.119)

where v is the sum of the squares of n standardized independent

normal variables having Chi-square distribution with n degrees
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of freedom. Thus, the probability of failure becomes:

Po=Pl(P?-v) <0] =1-x5(p?) (4.120)

where x° ( ) is the cumulative distribution function for cChi-
square with n degrees of freedom. The relationship between f§
and P, for varying n is given in Fig. 4.9. The dotted curve
represents the situation when the limit state surface is linear
and it is independent of n. Then it implies that the minimum
distance parameter 8 has a probability interpretation when the
gecometry of the limit state surface and the dimensions of the
operating space are regarded. Hence, summarily, working in the
space of standardized normal variables, the following relations
are conclusive:

(a) For linear state surface (Fig 4. 10)

Pp=Pyp =1-®(B) (4.121)

(b) for concave safety domain (Fig. 4.11)

0sP,s1-0(p) (4.122)

(c) for a hypersphere safety domain having radius § with

centre at the origin (Fig. 4.12)

Pp< Py =1-%5(B?) (4.123)
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Fig 4.10: Linear Limit State

Fig. 4.11: Concave Limit State
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Fig. 4.12: Hypersphere Safety Domain
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Fig. 4.13: Convex Safety Domain
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A

d. For a convex safety domain (Fig. 4.13)

Py <P <Py (4.124)

3
It becomes clear with reference to Figs 4.11 and 4.13 that
the approximation for the evaluation of § is either on the
conservative or unconservative side depending on whether the

exact nonlinear failure surface is convex toward the origin

(Shinozuka, 1983).

4.4.2.3 Veneziano’s Multiple Checks Method (VMCM)

In many structural problems the 1limit state does not
deviate much from linear behaviour and in that case the
estimate given by HLM is acceptable. However, for markedly
nonlinear 1limit state surfaces, discretization at several
points of the safety domain boundary has been proposed
(Veneziano, 1974). Conceptually, the method involves the
determination of the intersections of the safety domain
boundary expressed in the space of the uncorrelated
standardized variables with a number of straight lines starting
from the origin (Fig. 4.14). For instance, for 2n directions of
the axes and 2" directions of the bisecting lines, 2n + 2"
intersection points and the corresponding number of B, distances
of these points from the origin are defined. Consequently, the
safety domain boundaries are approximately represented by

spherical sectors.
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Fig. 4.14: Markedly Nonlinear Limit State Surface
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According to Eg. (4.120) and if f, have equal weight, P,

is estimated from the relation:

N
_ 1 _— P _ 5
Pry= i [1-20(P")] (4.125)

It follows that if [, = constant = 3, then

Py =Fy =P, (4.126)

Equivalent to HLM, §#,. is obtained without solving any

minimization problem from the relations:

Brin=min[p;] (4.127)

Py =1 -®(f,,) (4.128)

Operationally, this method 1is attractive since no
minimization problem is required. It is also less sensitive to
dimensional invariance and particularly useful when there
exists discontinuities in the first derivatives of the limit

state equation (leporati, 1979).

4.4.2.4 FO

In the previous sections, various methods have been
discussed with their shortcomings. To overcome them, the

Advanced Second Moment Method, herein called First-Order
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Reliability Method (FORM) was proposed (e.g Rackwitz, 1976;
Rackwitz and Fiessler, 1978; Fiessler et al, 1979), in which
the Taylor series expansion of the performance function g( ) is
linearized at some point, say point (y',, ¥5, ««... . ¥ .) on the
failure surface rather than at the mean. The linearizing point
is called the design or the checking point. Basically, the

procedure is as follows:

With the limit state and its variables given by

ZM.=Q'<Y1;}’3......-.,}’m) (4.129}

the random variables Y, are first transformed to reduced
uncorrelated (for independent random variables Y) variables
with zero mean and unit variance. That is,

Yi- By,

a!’;

U, = (4.130)

Now for any variable having non-normal distribution, it
can be transformed into normal standardized variable in
accordance with the equality of probabilities. Thus Y, and U, can

be related using

Fly) =®(U,) (4.131)

so that
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U, =0 [Fly;)] 4.132)

By a Taylor power series expansion of Eg. (4.132) in
correspondence with the checking point vector y’ and
considering linear terms only,

U'-'Q-i [F(Y,) ] "I

acdiel Ll 710 B S (4.133)
oy ; - )

where the notation:

!Jl¢4u].- - 476454

oy,

indicates that the derivatives are calculated at the point

having coordinates y'.

By the rules of derivative of the inverse function, Eq.

(4.133) becomes:

£iyd) (yy-yi) (4.134)
e (@ [Fly)])

u; @2 (F(y)] +

in which f( ) and ¢( ) denote the probability densities
corresponding to the cumulative distributions F( ) and &( )

respectively. Rearrangement of Eq. (4.134) yields:
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. OF(yD)@(@[F(¥y)])
R B L
£(y;) (4.135)
(D [F(yi)])

filyy)

u,=

Hence, by comparing Egs. {(4.130) and (4.135) it follows that

— O yD]e(®[FPly])])
i fiyyi)

(4.136)

and

_ @@ (AyD])
£y

(4.137)

¥y

Finally, in terms of u, the safety domain boundary can be

expressed in the form:

Q’(Ul,u3, ------ lllll‘un) -0 (4‘138)

the parameter  defined as the minimum distance to this surface
from the origin in the reduced coordinate system (See Fig. 4.8)
can be determined iteratively, assuming the transformed limit
state is capable of differentiation, by solving the following

equations:

glus ,ufs . vounstn) =gla.f,ef,.o....ap) =0 (4.139)

134



in which

;(i=1,2,...... , 1) (4.140)

Having obtained a satisfactory wvalue of the minimum
distance [ corresponding to convergency of the iterative

process, the operaticonal probability of failure P, can be

computed from:

Po=0(-p) (4.141)

Thus far, the derivation has assumed independent random
basic variables, T N, are correlated, they must be
transformed to uncorrelated random variables using the method
proposed in Hohenbichler and Rackwitz, (1981). Whatever the
case, in the normalized space, if the original uncertainty
vector has a distribution function that deviates significantly
from the normal, the originally sufficiently smooth failure
surfaces can become distinctively curved (Fiessler el, 1979).
There is also associated with this approach the possibility of
nonconvergence of the iteration process (Ayyub and White, 1987)
either because of the existence of some numerical noise in the

performance function or jumps in the distribution functions
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(FORM, 1988). Fer practical applications an algorithm for
solving these equations has been developed and coded (e.q.,
FORM, 1988). Conceptually the so-called FORM is based on the
works of Rackwitz and Fiessler, (1978); Hasofer and Lind,
(1974); and Rackwitz, (1976). A number of illustrative
examples for simple cases can be found in the work of Ang and

Tang (1984) and Smith (1986).

4.4.2.5 S0

This is otherwise known as Second-Order Reliability Method
which is an extension of FORM (Sec. 4.4.2.4) to include the

second order term.

Assuming the transformed state function g(u) is locally at
least twice differentiable such that g(u) = 0 defines the limit
state and g(u) < 0 the failure region. Expansion of the
failure surface at the design point (see Fig. 4.15) to second
order leads to the estimation of the probability of failure in

the form (SORM, 1988):

Po=Plg(u) s0] =1 - F(y) (4.142)

in which gq(u) is a quadratic approximation to g(u) at u’ and it

has the form, using matrix notation:

gluw) =g’ "(u-u*) 4%(u—u'}TGu(u—u') (4.143)
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where g’" is the vector of gradients of g(u) evaluated at u" and

G, is the matrix of second and mixed derivatives.

Further transformation using u = Tv and followed by

translation with z = v + § vyields:

qlz) =(z-38)7E,(z-8) -¥ (4.144)

in which E, is the matrix of the eigenvalues of the matrix G,

and F, is the distribution function of

n
W=2:l;(zf—6n3 (4.145)

i=1

The task of the necessary computation lies 1in the
resolution of F, for which there are no sufficiently efficient
numerical computation schemes (Fiessler, el al, 1979). Thus,
in 1988, Hohenbichler and Rackwitz proposed an approximate
technique which was coded for practical applications in SORM,
(1988) in order to accurately compute probability integrals
over simply <connected domains with at least twice
differentiable boundary in multidimensional uncertainty spaces
involving arbitrarily distributed functions. However, the
method as it is only approximate has its own flaws. The method
is a single point checking approach. As soon as the location of
the checking point and the curvature of the failure surface in

it is not sufficiently representative of the entire shape of
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the safe domain, the method fails to give accurate results

(Fiessler et al., 1979).

4.4.2.6 Importance Sampling Method (ISM)

In an attempt to overcome the seemingly drawback of FORM
or SORM, though with additional computational efforts, the
importance sampling technique has been employed in FORM and
SORM (Fujita and Rackwitz, 1988; Hohenbichler and Rackwitz,
1988) in order to obtain accurate probability estimates, since
FORM has been found appropriate and elegantly adequate in this
study, its improvement by importance sampling will only be

briefly discussed.
Conceptually, the improvement can be stated as follows.
Let the probability of failure be described by
P,=P(F,) =der{y> (4.146)
¥,

X

where F,(y) is the joint distribution function of the random
vector ¥ and F, = {y: g(y) < 0} the failure domain. Employing

approximation (linear or quadratic) to F, one may write

-——P(A)%-?=pu\) C, (4.147)
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in which

1
C’».-'-N“E C; (4.148)

where C, is a probability ratio to be estimated by simulation
and A is an approximation (linear or quadratic) to F,. Following

the procedure employed in the FORM (Fujita and Rackwitz. 1988):

N .
o O (-jut+bal) (4.149)
Cr Nf‘:_‘: @ (-B)

in which b, corresponds to the reocot of g(u + bag) = 0. It is
assumed that g(u) is a continuous at-least-twice
differentiable function near the point u' and the u is the

transformed standardized normal vector.

The appropriateness of the improvement lies in the fact
that the variance of the estimate C, is very small and that as
N ---> ®, this variance vanishes and the probability for the

linearized surface is rendered exact, i.e.,

P(A) =@ (-P) (4.150)

The work of Hohenbichler and Rackwitz, (1988) can be consulted

for the corresponding discussion relevant to SORM.
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4.5 Choice of Computation of Failure Probabilities

A number of techniques for computing failure prcbabilities
has been discussed with respect to concepts, merits and
demerits. Among them has FORM been adopted for the calibration
required in this study. Basically, the choice is zeroed in on
the following reasons:

. 1 It takes into account the available information on

the type of distributions of the random variables.

2 It also considers the geometry of the safety domain
so as to be able to deduce information about the
reliability of the design consideration.

3. The failure surfaces in question are not complex and
in general departure from linearity does not lead to
cases of minima and maxima.

4. The relevant performance functions are at least twice
differentiable,

8. There exists a standard algorithm coded for practical
applications (e.g., FORM, 1988).

In the adopted form of FORM, rather than solving Eqgq
(4.139) iteratively some optimization technique is proposed.
First of all, the failure surface expressed in the reduced
variable space, g(u) < 0 is expanded at the design point u’

corresponding to [ the first order estimate so that

Po=Plg(u) s0] ~P[1(u) s0] =@ (-p) (4.151)
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In this way,

Tiw) =a®(u-u') =afu+p (4.152)

and it is required that

p=lu’l=-a®u*=minjul (4.153)

subject to

g(u) <0

In Eq. (4.152)

g/(u”)
g (B (4.154)
lg’/¢u) |

is the normalized gradient of g(u) at u'. The point u = u' was
found using a modified projected gradient algorithm (See FORM,

1988) .

It must be mentioned in passing however, that there are
more other methods that have been proposed for the purpose of
computing the failure probability (e.g., Nishino et al, 1984;
Paloheimo and Hannus, 1974; Ayyub and Haldar, 1984), and it is
predicted that more methods with perhaps additional

computational efforts will still evolve.
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CHAPTER 5

UNCERTAINTIES AND SENSITIVITIES OF THE BASIC

RESISTANCE PARAMETERS

5.1. Introduction

This Chapter discusses the sources and types of
uncertainties and also analyses the sensitivity of the
structural resistance of beam-column sections to some
quantified uncertain parameters. In Chapter 3, the interaction
equations have shown that the strength of a beam-column
consists of many basic parameters. It is conjectured that the
statistics of these parameters will have significant influence
on the statistics of the complete interaction strength.
Therefore, it is intended in this Chapter to evaluate the
effective width parameter, axial reduction and the moment
magnification factors as expressed in the interaction design
equations, and conseguently the interaction design eguations

themselves,

A range of total uncertainty, i.e., 5% < 0; < 30% is
assumed for the evaluation purpose. This range is adopted
throughout this study for numerical computations only and it is
considered practical on the basis of the definition of

coefficient of variation. In 1969, Borges and Castanheta
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employed a similar range although in a different context. Such
a range 1s necessary because there is usually a probability to
exceed the adopted bounds for loading and material strength
since the parameters making them have certain scatter about
their mean values (Schmitt, 1977). It has already been shown
that the survival of a component or structure under loading
depends on these scatters. The influence of the mathematical
simplification on the sensitivity of each parameter is taken
into consideration by expressing the standard deviation as a

function of the associated basic variables.

5.2. Sources and Types of Uncertainties

In engineering, uncertainties may be associated with
physical phenomena that are inherently random or with
predictions and estimations of reality performed under
conditions of incomplete or inadeguate information (Ang and
Tang, 1984). It then follows that uncertainty may be
associated with the inherent variability of the physical
process or with the imperfection in modelling the physical
process, Inherent uncertainty is essentially a state of
nature and the resulting uncertainty may not be controlled or
reduced. On the other hand, the uncertainty associated with
prediction or modelling error may be reduced through the use of
more accurate models or acquisition of more data. In a
specific manner, some types of uncertainty identified are

discussed in this section according to (Melchers, 1987).
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5.2.1. Phenomenological Uncertainty

This uncertainty may arise whenever the form of
construction or the design technique generates uncertainty
about any aspect of the possible behaviour of a structure under
construction, service, and extreme conditions. In such
circumstances only subjective estimates of the effect of this

type of uncertainty can be given.

T Decision Uncertainty

This arises in connection with the decision as to whether
a particular phenomenon has occurred. In terms of limit states
it is concerned purely with the decision as to whether a limit

state violation has occurred.

0 G W Medelling Uncertainty

This form of uncertainty is caused by using a simplified
relationship between the basic variables to represent the real
relationship of phenomenon in question. In a simple form,
modelling uncertainty has to do with uncertainty of physical

models.

5.2.4; i certaint

This uncertainty is usually identified with the inherent
random nature of a basic variable. It can be reduced but not
eliminated with greater availability of data (Ang and Tang,

1984) or greater effort in quality control (Melchers, 1987).
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In general, this uncertainty is not known a priori for any
basic variable but can be estimated from observations or

subjectively assessed.

5+2.5: Statistical Uncertainty

Usually, sample means and higher moments are used as
statistical estimators. They can be determined from available
data and then used to suggest an appropriate distribution
functions. But observations of a variable do not generally
perfectly represent it and as a result the recorded data may be
biased. In addition, different sample data sets will normally
produce different statistical estimators. This is what causes
statistical uncertainty. It is then appropriate, in
reliability analysis, to examine sensitivity to changing values

of these estimators.

8:2:8, Uncertainties due tc Human Factors

These uncertainties are the consequences of human
involvement in the design, construction, use, etc., of
structures. They have been classified into two categories
(Melchers, 1987):

1. Human Errors

2. Human intervention

More information on these classes 1is well documented

(e.g., Ed. Nowak, 1986; Regulinski and Askien, 1972; Lamb,
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1972; Techner, 1972) and will be omitted.

It is now not surprising having the evolution of safety or
reliability arising principally because of the presence of

uncertainty.

5.3 Variability of the Effective Width Parameter

The local buckling phenomenon has been identified as one
of the considerations in the design of thin-walled elements.
The inclusion of this phenomenon in the design criteria of
beam-columns is rather empirical in both the AISI specification
and the ECCS Recommendations. Before the evaluation of the
interactions equations, the effective width parameters as
expressed by AISI and ECCS will be statistically examined in

this section.

. O | AISI Expression

For stiffened compression elements, the effective width to
be employed in the design of such elements due to occurrence of
local buckling has been given (Section 2.3.1.1 of the

Specification) as

iil;;=1.9 [ffax] 1-0.145C [%] k3
where
b = the effective width of plate after local buckling
t = Thickness of plate
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W = 1initial width of plate before local buckling
E = Young’s Modulus of Elasticity

f = Maximum value of the stress = fy at failure

Equation (5.1) can further be simplified to present a

non-dimensionalized expression of the form:
£2=1_9_£ o
w wy\ £,

It will be assumed that the ratios E/f, and w/t are random

1-0.415-5 (£
W f}

(5.2)

variables and are uncorrelated so that their statistical
influence on the effective width parameter can be examined.
And in fact, available information (e.g., Ravindra et al, 1974)
on these variables prove that their values are asscociated with
some uncertainties. The first two moments of the effective
width parameter are only required and are sufficient for
estimating its sensitivity to inherent uncertainties in the

associated basic variables.

Let Eg. (5.2) be rewritten in the form:

bifw=w= 2(m; I= 2,2,v000020x2,N) {5.3)
so that
b
m=a—@-a mz (5.4)
1y my

in which a = 1.90 and b = 0.415, m, = mean value of w/t and m,
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= mean value of E/f .

Employing the Taylor truncation series, the expectation
and the standard deviation of the parameter w can be expressed

as

By = a—@(1+nf-%l e T7Y +30Q%) (5.5)

n, mf

It is here assumed that

Q,=Q,=0Q (5.6)

Then, the total uncertainty in the effective width parameter

expression is

07=202 (5.7)

By virtue of Egs. (5.7), Eg. (5.5) can be expressed as

u“=-ﬂH L (140.438Q%) -b(1+1.,502) (5.8)
y an,

Similarly, the standard deviation of w is

04.“51301-\] 1.;3n+1.5355_3.j§ (5.9)
s 2 mi
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Since two criteria are being examined, the statistics ot

the effective width parameter as expressed by ECCS follows.

5.3.2 ECCS Expression

According to Section R 3.2.1 of the Recommendation, for
the purpose of computing the load bearing capacity of stiffened
elements under uniform compression, the effective width, b", is

given as

b*=w'b (5.10)

where w’ is a reduction coefficient given by

w/=1; 1;50.673 (5.11a)
and
ol 0.122 5.11b
w'= e_; %,>0.673 130
A
Fal
with
T b £, 5512
%,=0.526—2,| =& {5.12)
whence
b" = effective width of plate
b, = initial width of plate before local buckling
t = thickness of plate

f, = yield stress, and
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E = Medulus ot Elasticity.
Let us examine Eq. (5.10) for.ir > 0.673. Then from Egs.

(5.10) and (5.12)

m,;££q=o.qubb/q/fq7b—0.22 8, 53
b,  0.277(b,/t)?f, /E
Assuming
m, = mean value of b/t, and

m, = mean value of f /E,
and that they are independent random quantities. Employing
Taylor series as in Sections %.3.1, the expectation and the

standard deviation of w’ can be expressed respectively, as

0.794

plate® L 4 0ite0.37502) + 2794 0o (5.14)
ny oy Iy m,
where C* = 1 + 30, + 0,7 and
5.15
0£=J (402 +Q2) 0.;;02 - 1;5:3-8; . 0.5321 ( )
iy m, my m, iy my

But from Egs. (5.6) and (5.7), Egs. (5.14) and (5.15) can be

reduced, respectively, to

po=1.90—1_ (1+0.6880,)2- 224 (1420} (5.16)
my /i, i 1,

and
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1.9420 -~ :
i r[o0.508 1 0.421 o
m m, mm > mim

5.3.3 Discussion of the Numerical Results.

In Figs 5.1 (a) to (c), the sensitivity of the effective
width function to total wvariability in its parameters is
depicted. At low w/t ratio, the expressions, utilized by ECCS
and AISI, show similarity in sensitivity. However, as w/t

increases the sensitivity also augments.

Figure 5.2 gives the plot of relative difference in
sensitivity to total uncertainty for the expressions utilized
by AISI and ECCS. For practical value of the total uncertainty,
this relative difference remains uniform for a given w/t ratio,

although there is a wider gap between w/t = 40 and 80.

5.4 Variability of Resistance Factors

The load carrying capacity of a thin-walled beam-column
has been shown to be influenced by the interaction of local and
glecbal buckling. 1In an attempt to account for these phenomena,
certain reduction coefficients are applied in the interaction
equations. But the consideration of the local buckling effect
is merely empirical. Evaluation is then required so that the

adequacy of the said reduction factors can be ascertained. As
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earller examined 1n Chapter 3, the tormats tor these
coefficients are not the same for the AISI and ECCS criteria.

Therefore, each will be separately treated as follows.

S§s4.3 AISI Axial Reduction Factor

According to Section 3.3.1, the influence of local and
global buckling on the compressive strength of a beam-column
has been limited to a range of slenderness parameter. As a
consequence, in a dimensionless form, the applicable reduction

coefficients can be expressed as

£=0.5220,-0.13(QA)? (5.18)
when A < V/(2/0.) and
0.522
5‘*1—7 (5.19)

when A > v(2/Q,) -

Equations (5.18) and (5.19) are modified versions of the
expressions in AISI specification so that any value of the
material strength (i.e., the yield strength) can be allowed.
The guantities Q_ and A are, respectively, the form factor and
the slenderness parameter. The sensitivity of the reduction
factor to inherent uncertainties in the associated basic
variables will now be examined assuming @, and A are

independent random variables. The first two moments of Egs
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(».18) and (5.19) are needed and wlll be obtained using an
approximate method. That is, employing the Taylor truncation

series, we have

pe=0,522m,- (0.13mm)?-0.13 (mm) 2 (QG+ Q) (5.20)
when-; <'V(2/Qd, as the expectation of the reduction factor.
From the principle of total uncertainty, Eq. (5.20) can be

reduced to:

pg=0.522m,- (0.13mm,) % (1 +07) (5.21)
in which
m, = mean value of Q,
m, = mean value of A, and

= total uncertainty resulting from Q, and A.

s
-
|

The variation in §{ expressed by its variance is

. . 2 5.22
of =m5[0.272Q7%(1 -mm{) +0.068mim (Q%+Q7)) { )
By definition, 0, >> Q, and it is assumed that
Q,=0.80Q, (5.23)
It then follows from Eg. (5.23) that
0;=0.417mQ /1 -mmi (1-0.391mm) (5.24)
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On the other hand, when A > V'{Z/Q“), the expectation and

the variance of the reduction factor yield, respectively

p¢=0‘$;2(1+30§) {5.25)
my
and
1.0440Q,
0= - (5.26)
my,

Equations (5.21), and (5.24) to (5.26) are numerically

examined for the established range of 1, and some of the

results are displayed in Fig. 5.3.

In Figure 5.3, the coefficient of variation of the
reduction factor in relation to total inherent uncertainty of
the basic varaibles is depicted. The statistics of this
parameter shows remarkable sensitivity to the empirical
consideration of the local buckling effect typified by the use

of a form factor, Q,.
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5.4.2: ECccS Axial Reduction Factor

Recalling Egs. (3.32) to (3«34) , the expression

representing the reduction factor is

p2_ Qv (5.27)
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in which the associated parameters are as previously derined,
In Eq. (5.27), three basic parameters are identified and will

be treated as independent random quantities, viz: F, Q., and A.

Application of Taylor series leads to

- s -
1 1 1z, MaQG  my .
By =0p= Yo+ = padp ¥ Q
g /Yo 2 g am{ mf
1 1 |3m |
+5 . i-m}-ﬂ}i (5.28)

Unlike in Section 5.4.1, and in accordance with
parameteric definition, Q, is taken to be approximately equal

to zero, and that 9, = Q. Therefore, Eq. (5.28) reduces to

“ a
by =y =W+~ (m - )+ 2 S
29" 4my

Similarly, the standard deviation of the factor is

’ 2 2
01=QTJ[1- ml]m;+_”l'¢_ (5.30)
m 4mk¢u
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In Egs. (5.29) and (5.30),

¥, =mp- —= (5.31)

The result of these statistics are plotted in Fig. 5.4.
From this plot the dispersion of the axial reduction factor
around the mean value is more significant when Q, = 1.0 and
mostly pronounced in the intermediate range of slenderness
parameter. It appears however that this factor becomes less
sensitive to inherent uncertainty when Q, < 1.0 and when the

member becomes very slender.

.83 The Moment Magnification Factors

The presence of the axial force in a beam-column element
is to reduce its moment resistance. Its influence is accounted
for by modifying the moment side of the interaction equation

using a magnification factor that may simply be expressed as

o n Pl %iid=l ;2 vinin s 2) (5.32)

According to the problem in hand, Eq (5.32) is seen as

5 (5.33)

in which
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e = a coefficient which takes into account the

distribution along the beam-column length; and

X = are the guantified variables.

The expected value of the function k,(x) may be calculated

on the basis of the Taylor series of the function. That is,

1
Pk,=——'1+[

‘_1_2”_0.}2’ (5.34)
q’l

.*f
where

¥'=1-mmmm,

and m, are the mean values of the qguantified variables.
Neglecting functional dependence, the standard deviation of
ky{x) is

alb=%0, (5.35)

Equations (5.34) and (5.3%) hcold for the AISI and ECCS
expressions except that the guantities x, have different

definitions.

The sensitivity of the magnification factors to total
inherent uncertainty is depicted in Figs. 5.5 to 5.6 for AISI

Specification and ECCS Recommendation respectively. When the
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influence ot local buckling is substantial, the sensitivity of
these factors grow with decreasing value of Q, and increasing

value of slenderness parameter.

5.5 Variability of the Design Interaction Equations
The probabilistic treatment of the maximum strength of a
beam-column interaction is essentially a study of a structure
which exhibits a random non-linear behaviour. According to the
different formulations in Chapter 3, the maximum strength, A,
of a thin-walled beam-column may be expressed as
ha = L%, 1= 1, 2; veoniewe B) (5.36)
where x, denote the parameter descripters of the strength,
Equation (5.36) represents a multidimensional probability
density function, or a response surface, since the parameters
involved may be treated as random. The random variation of the
parameters constitutes the randomness of the predicted

strength.

In a deterministic manner, the failure surfaces on the
interaction diagrams are marked by the slenderness parameter.
Each surface has associated with it some uncertainties. This

is illustrated in Figs. 5.7(a) to 5.7(c).

The exact procedure for computing the expectation and

variance of the strength is highly involving. Therefore the
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approximate technique of Sectlion 4.2.2 15 adopted.

According to Fig 5.7(c), the interactive strength will be

fully investigated when points at the intersections of the rays

defined by €, and the corresponding failure surface are
considered. This is so because such points represent a
probabilistic descripticon of the predicted strength. Should

points be considered as in Figs 5.7(a) and (b) the implications
are that: (1) either of the parameters of the strength is
considered deterministic and the other probabilistic, and (2)
working along any of the axes of the interaction coordinate
system will be inadequate because (a) as the applied axial load
approaches the ultimate compressive capacity (or the applied
moment approaches the ultimate moment capacity), the ability
of the beam-column to withstand moment (axial load) becomes
small, and any variation in any of the associated variables
will lead to significant error in the computation and also (b)
the level of evaluation will vary from one failure surface to

the other.

In the past, probabilistic analyses of safety of
structural members have freguently relied on the formulation of
the ultimate 1limit state equation in which 1load carrying
capacity (resistance) is measured by a single variable, such as
the full plastic moment for a beam, (e.g., Bjorhovde et al,

1978). But the feeling expressed herein is that alternative
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formulations in terms ot the basic parameters that determined
the resistance may be more desirable. The idea of a singly
expressed resistance obscures the possibility of adequately
checking and controlling the parameters which significantly
affect the resistance. As pointed out earlier, the local

buckling effect is significant to the behaviour of thin-walled
members. Therefore the effect, as intrcduced into the

interaction equation, is fully quantified.

For the purpose of evaluation and simplicity, the
resistance formulations (1.2 the interaction design
equations) as given by AISI and ECCS can be expressed as in Eq.
(5.36). Recalling from Chapter 3, Eq. (5.36) can be explicitly

rewritten as

s (5.37)

Employing Taylor series, the first two moments of the
resistance are obtained as follows. Taking the partial
derivative of the resistance function with respect to the

guantified parameters we obtain the following derivatives:
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(5.42)

(5.43)
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X4[1 - —)‘(l:[l‘ X}
:er[ x2
=1

3

3y
xz['! :

Lo 3

3

XK. Xy

£, = (x/%) £,

and

2ﬁ X3

i=1

5
xa[l R %n X,

fgs=

3

in which
af _ ORE

f = .
Fy=ea— § Ly44=

Considering the second order

term

and

(5.45)

(5.46)

(5.47)

assuming

independence, the expectation of the interaction strength

169



becomes

5 5
1 x§[ 3 g -ng]
ey i=1
+
5 3
s —xzn Xi

(5.48)

Ay

where f1,’s are the coefficients of variation of the random

parameters.

From the principle of total uncertainty, Eg. (5.48) shows
that variation in %, does not affect the expectations. If ¢’
= (1 - X X;X;%;) and Q; represents the total uncertainty, the

expectation can be expressed as

r
By, =, + il;_,(l +[____"1"3’;;“s°r] ] (5.49)

Similarly, the variance of the resistance is
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1= (5 Hxe . (5050
+ i
L

Oif = (X;Ql)z 1+ _-T

By parametric definition, 0, = Q(0; i = 1, 3, 4, 5) and

£, = N,. Therefore Eq. (5.50) is further reduced to

5 2
e 2 5 | Ay (5.51)
| T SRR

In terms of the standard deviation, Eg. (5.51) implies

a. 5 IT = (5.52)

Further simplifications can be made by substituting for ¢’
so that the expectation and the standard deviation of the

interaction resistance become, respectively

1-¢) Q.
I

and
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uixzQ—;\thttk')‘*-zxix,(l—w’} 3 +{15-“:,—¢)—] (220
¥ v
Although the above derivations are done on a generalized
basis, there are certain imposed <conditions on the
applicability o©if the design equations that must be observed.
Such conditions include the range of slenderness parameter
specifically imposed by AISI and the noninclusion of the effect
of local buckling at high slenderness applied to the allowable
stress (i,e., f,/F, < 0.15), the condition imposed by AISI

specification reduces Egs (5.53) and (5.54), respectively to

By, =X + X, (5.55)

and
Uer—%‘/Z'(Xf{xzz) (5.56)
Equations (5.53) to (5.56) hold if correlation among
parameters is ignored. In the past, correlation among

parameters or variables has usually been neglected in
reliability studies. It is considered that accounting for it
leads to complexity of the problem (Melchers, 1987).
Nevertheless the avoidance of any envisaged complexity does not
remove the possibility of the existence of functional

dependence. And although correlation makes no statement about
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cause of effect ( Benjamin and Cornell, 1970; treeman, 1963),
its presence in the present problem may contribute to the

sensitivity of the design strengths to inherent uncertainties.

The examination of the interaction equations shows that
instability is one of the criteria considered in derivation.
That means, possible correlations among certain parameters
cannot be neglected. By definition, there will be functional

dependence among X;, ¥, and Xs.

It will now be assumed that the significance of
correlation is paramount to the variance of the resistance.
From Eg. (4.19), employing Taylor series, if functional
dependence 1is assumed, the variation in strength can be

expressed as

n 2
2. of 8f af
a,, E( : Bx,] + g E ("—Bxi 6xj)p’-"°”ic"!

ir) 2vf
= A + B, (5+57)
In Egq. (5.57) only B, has to be formulated since A has been
derived as in Egs (5.54) and (5.56). Judging from the

interaction equation and the established random parameters,

four different cases will be considered in deriving B,.
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Case 1

It is assumed that only x; and x, are correlated so that

_of of
B,= 3%, P Py, XX, 0.0, (5.58)

in terms of the coefficients of variation (I, and Q,) of the

parameters ¥, and %,. From Egqs (5.38) and (5.40) we obtain

pl.lexZQ';QZ

Bo= (142,505, [1 -x,%,x,%,]1 ) 2(1 - x5, %)
Since Y’ = 1 - xx;X;¥X;, B, can be reduced to
B,= ";% . x;(:;;llr’) ]pl,zxznloz (5.59)
Let
Q,=a0, (5.60)

where a, < 1.0. Therefore Eq (5.59) yields

i 5 (5.61)

]

[jﬁ“+3&££:jﬂl

= v ]pl.zeaxzﬁi

Putting Eq. (5.61) into Eq. (5.58) and according to Eq.
(5.57), the standard deviation of the resistance, considering

functional parametric dependence between x, and x, becomes
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Q'J”

ull:—FJ [Klw‘r}-*ZX:):z(l_qJ!) +( {5.62)

-
=

X;\ (4_ ‘kf) 2
v o)

where

- X x:._ (l ‘wl) 2
2 =[_]|Jl; . T]pl.ixiacol

and p,, is the correlation coefficient when x, and x, are

correlated and its value lies in the range - 1.0 < p,, < 1.0,
Case 11
If x, and x; are correlated and following a similar

procedure as in case I, we obtain

31=[1+%[%)](1-¢’)x1x20105 (5.63)

-

Let N, = afl,, so that

!
L1290 xp. Q2 (5.64)

a,

H. =

1
-

1+ﬁ(1_-_1'_")

X

The standard deviation can then be expressed as
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2, /y 2 S . xi(1-yNH? .
oif;’?J ‘x;¢?"*lexz(-~¢}*x2+_._¢n__., 5.65)

(43]

where

- _ 2 1-¢/

in which g = x,/x,.

Case TII

A functional dependence is assumed to exist between x, and

X; so that

T
32=£e_££;3_‘upz_sgzg5 (5.66)

represents the contribution to the variance of the resistance

due to this functional dependence.

Let Q, = a)ly, and g = ¥,/%, as earlier established. Then

2 _ i/
“1,=%,T\J (W2 + 2,55, (1 -y +xF+ LW g (5.67)

where
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. [*’-Qz]}_mr
A P:—,S g a::'#n

Case IV
In this case, all the conditions of Cases 1 to III are
combined. That means the variance of the resistance in the

presence of functional dependence among x,, %,, and x, can be

given as
0, =A+Y B, (5.68)
=0
That is,
a# Q ! 11 -9
%" *!g,‘!' X:I,;TJ (1"'#"9*,‘)[‘3391,2' el""‘!?'w ]*f' (5. 639)
where

ao

E'=pz.s“aj (1-9%

According to the design criteria of AISI, Eq. (5.69) is
only valid when the ratio of the applied to allowable stress is
greater than 0.15 (i.e when f,/F, > 0.15). Similar expression

to Eq. (5.69) is obtained when f /F, < 0.15 and it is given as:

Q.

-3

o, Y2 {3 425 +Da%, %) (5.70)
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Since g = %,/%,, Egq. (5.70) can be declared as

Q, 2
0y, =5 X2 {1 +Py29+9%) (5.71)
In deriving Eq. (5.71), it has been assumed that the
uncertainty in x, and %, are approximately equal. Such

assumption 1s seen as the worst condition.

For numerical analysis, information obtained from the work
of Rojiani and Woeste (1982) leads to the following inference.
The values for the ratios a,, a, and a, are taken as a, = 0.964,

a, = 0.795, a, = 0.727 and that 0, = 0.60N,.

The above values are substituted into the appropriate
equations and the problem was solved using computer. In the
program, the coefficient of correlation assumed extreme equal
values of -1.0, 0 and 1.0. It is the outcome of these
situations that dictates the importance of functional
dependence being considered since actual values of these

coefficients must lie within -1.0 < p, < 1.0

Based on the statistics of the interaction formulae, Figs
5.8 and §.9 are plotted. Generally, there is a fairly uniform
dispersion of the beam-column strength around the expected
value as given by ECCS Recommendation and AISI Specification.

Numerical experiment also shows that correlation among the
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variables considered is not significant and as such no further
comments on it. This observation is only valid as far as the
total uncertainty is based on variability in the resistance
basic variables. Usually the interaction of a structure and
its environment is crucial to structural safety analysis.
Hence, bearing in mind that discrepancies exist between test
results and the predicted strength of beam-columns as noted in
Chapter 3, the computation of implied levels of risk in the
different design equations, when extreme loadings are
considered is desirable. It is this aspect that is focussed in
the next Chapter with a view to proposing coptimized design

equations in terms of safety and economy.
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CHAPTER 6

CALIBRATION TASK

6.1, Introduction

The proper performance of structures in the interest of
public safety is the engineering objective of structural code
provisions. By this, all provisions aim at reducing the
probability of inadegquate performance to a somewhat negligible

level by prescribing acceptable routine designs.

Generally, structural code provisions have evolved as a
consequence of some reference to theoretical, experimental and
judgmental activities. Undoubtedly, the aims of structural
codes can be regarded as serving satisfactorily since
structural failures and cases of inadequate performance have
been very few. Nonetheless because of the inability to predict
the real nature, it is possible that the code provisions lead
to designs of varying safety levels. Further still since
safety and economy are conflicting aims, the possibility that
the existing code provisions lead to overly expensive

structures cannot be ruled out.

The purpose of this Chapter is to assess the degree of
conservatism or nonconservatism in the existing codes (i.e.,

AIST, 1968 and ECCS, 1987) with respect to the design of
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torsionally stable thin-walled beam-columns considering a set
of all such structural components to be designed and load
combinations. Subsequently, the two design criteria are
compared and within the jurisdiction of the development in
reliability and optimization techniques, design formats which
are optima (having minimum total expected cost) with the

provision of consistent safety levels are derived.

6.2. Calibration Procedure

The maximization of the total expected utility of a
structure, given a prescribed reference data set and
availability of materials and labour is a sound structural
engineering design objective. The realization of which depends
on some matters which are not known with any degree of
certainty but can only be predicted. An attempt to account for
such imperfect knowledge led to structured codes. In this
section, the design criteria for thin-walled structural steel
beam-columns as specified by the AISI, (1968) and recommended
by the ECCS, (1987) are calibrated to determine their implied
reliability levels. To achieve this, certain essential steps
are required and according to Melchers (1987), the Flow Chart
in Fig. 6.1 whose details depend on individual need and
computational choice can be adopted. This flexibility has also
been demonstrated in the works of other researchers (e.qg.,
Allen, 1975; Hawrenek and Rackwitz, 1976; Ellingwood et al.,

1980) .
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) SCOPE DEFINITION

{ SELECTION OF CALIBRATION POINTS
l (E.G., LENGTHS, LOADS, PROPERTIES, ETC

' o

1 OBTAIN MEMBER SIZE BASED ON EXISTING -| CEFINE BASIC
COOE FOR EACH CALIBRATION POINIT | | VARJABLES

COMPUTE THE SAFETY INDEX, [ FOR | <! cEFINITION OF| | STATISTICAL
EACH MEMBER ! LIMIT STATE PROPERTIES FOR
— BASIC VARIABLES

T

) -
| SELECT TARGET VALUE OF #, f, | —=——f CALCULATE PARTIAL FACIOR [
( =3 L FORMAT IMPLICIT IN

EXISTING COCE

k4

MODIFY PARTIAL FACTORS FOR NEW | ——=— SELECT NEW CODE
CODE FORMAT PARTIAL FACTOR FORMAT

I

|

USE NEW DESIGN CODE FOR EkCHj
CALIBRATION FOINT TO GIVE l
MEMBER SIZ2E |

CALCULATE /8 FOR EACH MEMBER ]

i

TEST FOR CLOSENESS OF 4 |
10 8,

4

R { NEW CODE PARTIAL FACTORS [

Fig. 6.1: Flow Chart for calibration of Safety Checking Format
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6.3 Calibration Model

For calibration purposes a beam-column under an axial load
N applied at an eccentricity e, and a lateral load Q uniformly
distributed as shown in Fig. 6.2 is considered. It is assumed
that the beam-column is laterally restrained and pinned at both
ends. As discussed in Chapter 3, the mode of failure of such
a member depends on its slenderness ratio, A. The differences
between experimental results and the design equations noted in
Sec, 3.4 stimulate the need for probabilistic evaluation of the
design criteria under investigation with the view to offer safe

and economical design formats.

The safety of a beam-column will be considered under the
influence of the randomness in the loading, and the material
properties plus the uncertainties in axial load eccentricities.
Generally when values for all the intervening variables are
given, the safety and failure domains are separated by an
interaction curve as schematically shown in Fig. 6.3. Thus, for
instance, a limit state (locad-carrying capacities N, and Q)
is reached at, say, point B, which satisfies the interaction
equation. If proportional loading is considered, that is, a
case in which N and Q vary along the path OA, a performance
function G may be expressed as the difference between the

lengths of the vectors OB and 0A, in the form:
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G= [Ny + Giix) = [N, +N,)2+(0,+0.)2L?]

=R*~- [(Ny+N,)*+(0,+0,) “L*] (6.1)

in which N, and N, refer, respectively, to the dead and live
load components cof the total axial load N; and Q, and Q
correspond to the dead and live load components of the lateral

load Q and R is the beam-column strength,

In Eq. {(6.1), the expression for R depends on the mode of
failure in consideration. It is considered herein that a beam-
column fails when the most stressed cross-section yields.

However, for design purposes the requirement is of the form:

=1.0 (6.2)

CpNpy+ & Ny + Le My (O e Npgy) + @ M, (000 Npy)

where P, and M, are the expressions corresponding to the nominal
strength of column and beam respectively, in the codes (i.e.,
AISI, 1968 and ECCS, 1987), ¥ is the magnification parameter
due to the presence of the axial load and the associated
boundary conditions. The bending effects M,(Qu,Ny) and
M, (Q n/Nix) are the unamplified maximum bending moments produced
by the applied loads; and (NN, and (Qun/Qn) are,

respectively, the dead and live load components of the nominal
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loads N, and Q,, with o, and o, denoting respectivaly the load

1)

factor applied to dead and live lcad components.

Now for a simply supported beam-column with uniformly
distributed lateral load Q,, the induced bending moment due to
this load and N,y of the eccentrically applied axial load can

be expressed as:

Mp(Qpys Npy) =0,125(Qp L% -8N e, (6.3)
Let
Nox , = Lou (6.4)

then from Eg. (6.2) considering the smaller positive root of
the resulting second degree equation in terms of N, the applied

loads can be expressed in the form:

N=Np, (ydy+ 1) (6.5)
O=Ny(v/L) (y,dyp+ 1) (6.6)

where
dN'ND/ND.v (6.7)
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1,=N,/N,, (6.8)

dg=0p/ Qpy (6.9)
lU:Q_—./Q_rN (G'IU}
v=L{0,/ N (6.11)

and noting that y is defined according to the individual design
equations. Employing Eq. (6.2) together with Egs. (6.5) and
(6.6), the performance function given by Eq. (6.1) is

expressible in the form:

C=(pf})’—NﬂJ{?Ndﬁ+ln)2+(v(?0d0+lu)}’] (6.12)
in which p is the product of ratio of the mean to the nominal
yield stress and the gross cross-sectional area. For given
values of », 7y, ¥, and the slenderness ratio, A, Eq. (6.12)
becomes the basis for the calibration of the current design
equations in order to calculate their implied reliability

levels.

B.3.1 Safety lLevels of the Current Formulations

The reliability indices implicit in the Allowable Stress

Design Specification of AISI (AISI, 1986) and the Ultimate
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Carrying-Capacity of ECCS (ECCS, 1987) are computed based on
the calibration mechanical model develcoped in the previcus
section. To this end, the Advanced First-Order Second Moment
Reliability Analysis (i.e., FORM) discussed in Section 4.4.2.4
is adopted. Examining the performance function, G, of Eq.
(6.12) and the related expressions from Egs, (6.2) to (6.11)
seven random variables are identified. According to the

information available in the relevant literature (e.g., Corotis
and Doshi, 1977; Chalk and Corotis, 1980; Foschi et al, 1989;
Ravindra and Galambos, 1978; Galambos and Ravindra, 1978} data
for the material strength and locading are collected with their

distribution parameters in Table 6.1.

TABLE 6.1: STATISTICS OF THE BAsICc RANDOM VARIABLES

Variable ; Distribution Mean Coefficient of
Variation
F, Lognormal 275kN /mm’ 0.05
E Lognormal 203000kN/mm’ 0.02
e, Neormal varying .10
dy Normal 1.0 0.07
dy Normal 1.0 0.07
1, Gumbel 1.0 0.25
1, Gumbe 1 1.0 0.25

Since a beam-column action may be induced by eccentricity
in loading or direct axial and lateral loading twe cases are
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considered tfor the determination ¢f the satety indices, viz:

(a) axial load with varying eccentricity

(b) uniformly distributed lateral load plus eccentrically
applied axial load.

and v, are considered

In addition the parameters A\, 7n
deterministic and varied arbitrarily within their practical and

permissible ranges.

TABLE 6.2: SAFETY INDEX VALUES FOR ECCENTRIC AXIAL LOAD (AISI, 1968
EQUATION)
Length Load Eccentricity, e, [mm]

[m]) Ratio
N,/N, 50 100 150 200 250

1 0.25 4.859 4.877 4.48¢ 4.286 4.074
0.50 5.357 5.156 4.946 4.725 4.4%0
1.00 6.234 6.002 5.3757 5.498 5.222

2 0.25 4.894 4.704 4.504 4.291 4.064
0.50 5.394 5.186 4.965 4,730 4.479
1.00 6.278 6.036 5.778 5.503 5.207

3 0.25 4.951 4.747 4.528 4.291 4.031
0.50 5.457 5,232 4.592 4.730 4.441
1.00 6.350 6.089 5.808 5.800 5.158

4 0.25 5.030 4.802 4.550 4.263 3.916
0.50 5.543 5:293 5.015 4.696 4.304
1.00 £.449 6.158 5.833 5.455 4.969

5 0.25 5.130 4.861 4.997 - -
0.50 5.652 5,357 4.997 - -
1.00 6.573 6.231 5.804 = G
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TABLE 6.3: AlSI SAFETY INDEX VALUES FOR ECCENTRIC AXIAL LOAD AND LATERAL
ubL (N = 0.0)
Length ¥~ Yo Eccentricity, e, [mm)]

k) 0 50 100 150 200 250

3 0.25 0.25 5.143 | 4.952 4.751 4.538 4.311 4.065
0.2% 0.50 5.143 | 4.952 4.751 4.538 4.311 4.065
0.25 1.00 5.143 | 4.952 44751 4.538 4.311 4.065
0.50 0.25 5.668 | 5.459 5.238 5.005 4.755 4.486
0.50 0.50 5.668 | 5.459 5.238 5.005 4.755 4.486
0.50 1.00 5.668 | 5.459 5.238 5.005 4.755 4.486
1.00 0.25 | 6.594 | 6.353 6.098 5.829 5.540 5.229
1.00 0.50 | 6.594 | 6.353 6.098 5.829 5.540 5.229
1.00 1.00 6.594 | 6.353 6.098 5.829 5.540 5.229

5 0.25 0.25 5.374 | 5.136 4.870 4.562 4.174 -
0.28 0.50 | 5.374 | 5.138 4.870 4.562 4.174 -
0.25 1.00 | 5.374 | 5.136 4.870 4.562 4.174 -

0.50 25 5.920 | 5.660 5.368 5.030 4.605 -

0.50 .50 | 5.920 | 5.660 5.368 5.030 4.605 -

0.50 .00 | 5.920 | 5.660 5.368 5.030 4.605 -

0
0
1
1.00 0.25 | 6.885 | 6.584 6.248 5.858 5,365 =
0
1

.50 | 6.885 | 6.584 6.248 5.858 5.365 -
.00 | 6.885 | 6.584 6.248 5.858 5.365 -

1.00

1.00
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TABLE 6.4: AISI SAFETY INDEX VALUES FOR ECCENTRIC AXIAL LOAD AND LATEKAL
UDL (N = 0.5)

Length T Yo Eccentricity, e, [mm]
i3 0 50 100 150 200 250
3 0.25 0.25 5.758 | 5.592 5.419 5.239 5.051 4.854
D.25 0.50 5.863 | 5.700 5.533% 5.355 5.172 4.979
.25 1.00 | 6.059 | 5,901 5.738 5,569 5:393 5.209
0.50 0.25 | 6.240 | 6.054 5.862 5.660 5.449 5.227
0.50 0.50 6.340 | 6,158 5.968 5.771 5.565 5.348
0.50 1.00 6.528 | 6.351 6.168 5.978 5.780 $:573
1.00 0.25 | 7.102 | 6.883 6.654 6.414 6.162 5.896

.00 0.50 | 7.193 | 6.977 6.752 6.517 6.270 6.009
1.00 1.00 | 7.367 | 7.157 6.938 6.711 6.473 6.222
B 0.25 0.25 | 6.515 | 6.351 6.179 6.000 5.810 5.608
0,28 0.50 | 6.700 | 6.543 6.379 6.209 6.030 5.842
0.25 1.00 | 7.043 | 6.897 6.746 6.590 6.428 6.259

—

0.50 0.25 | 6.991 | 6.802 6.607 6.399 6.179 5.941

0.50 0.50 | 7.168 | 6.988 6.800 6.603 6.396 6.174

0.50 1.00 | 7.499 | 7.331 7.157 6.977 6,788 6.590

1.00 0.25 7.847 | 7.618 7378 T3l 6.838 6.533

1.00 0.50 | 8.011 | 7.558 7.558 T.312 7.048 6.764
1.00 1.00 | 8.321 | 7.898 7.898 7.670 7.431 7.176
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TABLE 6.5: AJISI SAFETY INDEX VAIUES FOR ECCENTRIC AXTAL LOAD AND LATERAL
UDL (N = 1.0)

Length ' Yo Eccentricity, e, [mm]
{m]
0 50 100 150 200 250
3 0.25 0.25 6.926 | 6,738 6.545 6.345 6.137 | 5.922

D.25 0.50 | 6.250 | 6.099 5.942 5.781 5.613 t 5.440

0.25 1.00 | 6.244 | 6.094 5.940 5.781 5.618 | 5.448

0.50 0.25 6.711 ! 6.539 6.361 6.177 5.986 | 5.787

0.50 0.50 7.634 | 7.429 7.217 6.998 £.770 | 6.534
0.50 1.00 6.872 | 6,706 6.536 6.360 5.178 | 5.989

1.00 0.25 7.537 | 7.332 7.120 6.899 6.668 | 6.427

1.00 0.50 7.693 | 7.492 7.284 7.069 6.844 | 6.610

1.00 1.00 | 8,885 | 8.648 8.403 8.150 7.887 1 7.614

5 0.25 0.25 | 8.290 | 8.122 7.949 7.772 7.588 | 7.398

C.25% 0.50 | 7.507 1 7.375% 7.240 7.101 6.958 | 6.811

0.25 1,00 | 7.766 | 7.642 7.515 7.386 7.254 | 7.118

0.50 0.25 | 7.810 | 7.652 7.489 7.321 7.146 | 6.964

0.50 0.50 | 9.126 | B.%24 g8.754 £.559 B.3%8 | 8.150

0.50 1.00 | 8.347 { 8.206 8.061 7.913 7.761 | 7.604

1.00 0.25 8.615 1 5.41% 8.215% B.003 7.780 | 7.547

.00 0.50 { 5.886 | 8.699 8.506 8.095% 8.096 { 7.878

1.00 1.00 - - 10.173 | 9.949 S.717 | 9.477
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TABLE 6.6: AlS! SAFETY INDEX VALUES FOR ECCENTRIC AXIAL LOAD AND LATERAL
upL (N = 1.5)
Length ¥y Yo Eccentricity, e, [mm]

= 0 50 100 150 200 250

3 0.25 0.25 5.040 | 4.917 4.791 4.662 4.528 | 4.389
0.25 0.50 5.036 | 4.914 4.790 4.661 4.529 | 4.392
0.25 1.00 5.017 | 4.896 4.773 4.647 4.516 | 4.382
0.50 0.25 5.552 | 5.417 S.277 5.133 4.984 | 4.829
0.50 0.50 5.551 | 5.417 5.279 5.136 4.989 | 4.837
C.50 1.00 5.538 | 5.405 5.269 5.129 4.985 | 4.835
1.00 0.25 | 6.457 | 6.298 6.134 5.964 5.787 | 5.603
1.00 0.50 6.457 | 6.302 6.139 5.971 5.797 | 5.617
1.00 1.00 6.457 | 6.29%9 6.139 5.974 5.804 | 5.628

5 Q.28 0.25 6.232 | 6.129 6.024 5.917 5.807 | 5.694
Q.25 0.50 | 6.384 | 6.285 6.185 6.082 5.977 | 5.870
0.25 1.00 €.661 | 6.568 6.474 6.378 6.281 | 6.181
0.50 0.25 | €.709 | 6.592 6.472 6.349 6.222 | 6.092
0.50 0.50 6.857 | 6.744 6.629 6.511 6.391 | 6.267
0.50 1.00 7.125 | 7.020 6.912 6.802 6.691 1 6.576
1.00 0.25 7.563 | 7.420 Tudld 7.119 6.961 | 6.798
1.00 0.50 [ 7.705 | 7.566 7.424 7.278 7.128 | 6.973
1.00 1.00 7.961 | 7.831 7.699 7.567 7.423 | 7.287
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m
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+71: AlS1 SAFETY INDEX VALUES FOR ECCENTRIC AXIAL LOAD AND LATERAL
UDL (N = 2.0)

Length Y Yo Eccentricity, e, [mm)
[m]
0 50 100 150 200 250
3 0,25 0.25 4.312 4.207 4,700 3.990 3.876 ] 3.756

Q.25 0.50 | 4.303 4.199 4.093 3.983 871 | 3,755

0.25 1.00 | 4.273 4.470 4.064 3.956 844 | 3.730

0.50 0.25 | 4.759 4.643 4.525 4.402 .276 | 4.146

0.50 0.50 | 4.754 4.639 4.521 4.400

275 | 4.147

4.731 4.617 4.501 4.321 .258 | 4.131

e
o
o

0.50

.985 | 4.824
-980 | 4.831

1.00 .50 5.547 5.413 5.274 5,132

1.00 1.00 | 5.534 5.402 5.265 5.125

223 | 5.133
.397 | 5.311

5 0.25 .25 | 5.567 5.483 5.398 5,311

o
0.25 C.50 | 5.726 5.646 5.564 5.482

s
3
4
4
4
1.00 0.25 5.548 5.413 5.273 5.3128 4.979 | 4.832
0 4
4
5
5
5

0.25 1.00 | 6.016 5.941 5.865 5.788 .710 | 5.630

0.50 0.25 5.974 5.879 5.782 5.682 5.581 | 5.477
0.50 0.50 | 6.129 6.038 5.944 5.849 5.753 | 5.654
0.50 1.00 | 6.411 6.325 6.238 6,149 6.059 | 5.968
1.00 0.25 6.706 6.589 6.469 6.346 6.219 | 6.089

1.00 0.50 | 6.854 6.742 6.627 6.509 6.388 | 6.264
1.00 1.00 | 7.123 7.018 6.910 6.800 €.688 | 6.744
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(ECCS,

1987

TABLE 6.8: SAFETY INDEX VALUES FOR ECCENTRIC AXIAL LOAD
EQUATION)
Length Load Eccentricity, e, [mm]

[m] Ratio
N, /N, 50 100 150 200 250

1 0.25 3,753 3.549 3.332 3.100 2.85
0.50 4.066 3.549 3.603 3.346 3.067
1.00 4.628 4.367 4.088 3.785 3.456

2 0.25 3.89 3.681 3.458 3.217 2.953
0.50 4.215 3.986 3.740 3.473 3.180
1.00 4,799 | 4.533 4.246 3.933 3.585

3 0.25 4.140 3.927 3.698 3.445 3.163
0.50 4.488 4.255 4.002 3.724 3.411
1.00 5.112 4.842 4.547 4.221 3.850

4 0.25 4.410 | 4.191 3.950 3.680 3.364
0.50 4.781 4.542 4.2717 39879 3.629
1.00 5.445 5.168 4.861 4.512 4.096

5 0.25 4.710 | 4.486 4.234 3.942 3.576
0.50 5.105 4.860 4.584 4.262 3.854
1.00 5.810 | 5.527 5,207 4.830 4.341
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TABLE 6.9: ECCS SAFETY INDEX VALUES FOR ECCENTRIC AXIAL LOAD AND LATERAL
ubL (N = 0.0)
= ——
Length Y Yo Eccentricity, e, [mm]

() 0 50 100 150 200 250

3 0.25 0.25 4.337 4.140 3.927 3.689 3.445 | 3.163
0.25 0.50 | 4.325 4.140 3.927 3.689 3.445 | 3.1863
0.25 1.00 4.325 4.140 3.927 3.689 3.445 3.163
0.50 0.25 4.678 4.488 4.255 4.092 3.724 '] 3.41)
0.50 0.50 | 4.688 4.488 4.255 4.092 3.724 | 3.411
0.50 1.00 | 4.688 4.488 4.255 4.092 3.724 | 3.411
1.00 0.25 5.347 $.23Z 4.547 4.547 4.221 | 3.850
1.00 0.50 5.360 5,112 4.547 4.547 4.221 | 3.850
1.00 1.00 5.322 S:112 4.842 4.547 4.221 3.850

5 0.25 0.25 4.914 4.710 4.486 4.234 3.942 | 3.576
0.25 0.50 | 4.891 4.710 4.710 4.710 4.710 | 3.576
0.25 1.00 | 4.891 4.710 4.710 4.710 4.710 | 3.576
0.50 0.25 5,298 5,105 4.860 4.710 4.262 | 3.854
0.50 0.50 | £.298 5.105 4.860 4.584 4.262 | 3.854
0.50 1.00 { 5.298 5.105 4.860 4.584 4.262 | 3.854
1.00 0.25 | 6.020 5.810 5.527 4.584 4.830 | 4.341
1.00 0.50 | 6.020 5.810 5.5827 5.707 4.830 | 4.341
1.00 1.00 6.020 5.810 5.8527 5.207 4.830 | 4.341
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TABLE 6.10: ECCS SAFETY INDEX VALUES FOR ECCENTRIC AXI

I'R AXIAL LOAD AND LATERAL
UpL (N = 0.5)

Length ¥ Yo Eccentricity, e, [mm]
[m]
0 50 100 150 200 250
3 0.25 0.25 4.990 4.8B26 4.631 4.424 4.202 | 3.962

0.25 0.50 | 5.086 4.925 4.532 4.532 4.315 | 4.082

C.25 1.00 | 5,263 5.107 4.726 4.7286 4.538'| 4.295

0.50 0.25 | 5.314 5.136 4.685 4.685 4.434 | 4.161

0.50 0.50 | 5.408 5.233 4.792 4.792 4.547 | 4.281
0.50 1.00 | 5.582 5.412 4.985 4,985 4.751 | 4.497

1.00 0.25 5.899 5.697 5.157 5.157 4.852 | 4.513

1.00 0.50 | 5.988 5.750 5.260 5.260 4.961 | 4.633
1.00 1.00 | 6.155 5.962 5,715 5.450 5.163 | 4.850
5 0.25 0.25 | 6,017 5.887 5.685 5.504 5.311 | 5.103
0.25 0.50 | 6.161 6.022 5.857 5.683 5.499 | 5.303
0.25 1.00 | 6.476 6,328 6.174 6.012 5.842 | 5.662

0.50 0,25 6.349 6.19] 5.996 5.789 5.567 | 5.325
0.50 0.50 | 6.504 6.351 6.163 5.965 5.753 | 5.524
0.50 1.00 | 6.794 6.649 5.965 6.288 6.092 | 5.883

1.00 0.25 6.977 6.796 6.288 6.302 6.024 | 5.714

1.00 0.50 | 7.123 6.947 6.303 6.472 6.205 | 5.912

1.00 1.00 | 7.411 7.231 6.6.78 | 6.785 6.538 | 6.271
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TABLE 6.11: ECCS SAFETY INDEX VALUES FOR ECCENTRIC AXIAL LOAD AND LATERAL
UDL (N = 1.0)

Length T Yo Eccentricity, e, [mm]
[m]
0 S0 100 150 200 250
3 0.25 0.25 5.999 5.824 5.607 5.37% 5.137 | 4.878

0.25 0,50 5,468 s 319 5.143 4.958 4.762 | 4.555

0.25 1.00 | 5.391 5.242 5.067 4.883 4.690 | 4.485
0.50 0.25 | 5.814 5.651 5.4563 5.244 $.021 | 4.782
0.50 0.50 | 6.497 6.312 6.074 5.822 5.554 | 5.268

0.50 1.00 5.890 5,731 5.538 5.335 5.120 | 4.892

1.00 0.25 6.376 6.190 5.953 5.700 5.428 | 5.133

1.00 0.50 | 6.518 6.336 6.103 5.856 5.590 | 5.303
1.00 1.00 | 7.385 7.185 6.909 6.615 6.300 | 5.961
5 0.25 0.25 | 7.638 7.473 7.297 7.113 6.920 | 6.718
0.25 0.50 | €.931 6.812 6.673 6.529 6.379 | 6.222

0.25 1.00 | 7.103 6.989 6.857 6.720 6.578 | 6.432

0.50 0.25 | 7.160 7.025 6.861 6.690 €.511 | 6.321

0.50 0.50 | 8.250 87.099 | 7.907 7.705 7.493 | 7.270
0.50 1.00 | 7.577 7.452 7.302 7.1477 | 6.986 | 6.819
00 0.25 7.746 7.588 7.387 T1FD 6.947 | 6.705

1.00 0.50 | 7.984 7.832 7.639 7.435 7.220 | 6.991
1.00 1.00 | 9.375 9.214 8.991 8.757 8.510 | B8.248

200



TABLE 6.12: ECCS SAFETY INDEX VALUES FOR ECCENTRIC AXIAL LOAD AND LATERAL

upL (N = 1.5)
Length ¥ Yo Eccentricity, e, [mm]

k=) 0 50 100 150 200 250

3 0.25 0.25 4.422 4.298 4.158 4.013 3.860 | 3.700
0.25 0.50 4.375 4.257 4.111 3.966 3.814 | 3.654
0.25 1.00 4.267 4.141 4.001 3.854 3.701 | 3.541
0.50 0:25 4.827 4.692 4.538 4,377 4.207 | 4.027
0.50 0.50 | 4.786 4.651 4.498 4.337 4.169 | 3.991
0.50 1.00 4.692 4.587 4.403 4.242 4.074 | 3.897
1.00 0.25 5.543 5.391 5.210 5.019 4.816 | 4.600
1.00 0.50 5.512 5.360 5.180 4.991 4.79% | 4.577
1.00 1.00 5.437 5.286 5.107 4.920 4.722 | 4.512

5 0.25 0.25 | 5.802 5.699 5.592 5.482 5.368 | 5.251
0.25 0.50 | 5.896 5.802 5.699 5.592 5.482 | 5.369
0.25 1.00 6.078 5.988 5,889 5.788 5.684 | 5.578
0.50 0.25 6.185 6.079 5.958 5.833 5,704 | 5.570
0.50 0.50 | 6.284 6.180 6.063 5.942 5.817 | 5.688
0.50 1.00 6.462 6.363 6.251 65,137 6.019 | 5.898
1.00 0.25 | 6.886 6.761 6.615 6.462 6.303 | 6.136
1.00 0.50 | 6.981 6.860 6.718 6.570 6.417 | 6.257
1.00 1.00 7.154 7.038 6.903 6.763 6.619 | 6.469
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SLE 6.13: ECCS SAFETY INDEX VALUES FOR ECCENIRIC AXIAL LOAD AND LATERAL
UbL (N = 2.0)

Length Wi Yo Eccentricity, e, [mm]
m
() 0 50 100 150 200 250
3 0.25 0.25 3.766 -658 3.658 3.416 3.288 | 3.154

3
0.25 0.50 | 3.706 3.598 3.479 3.355 3.226 | 3.092
3

0.25 1.00 | 3.572 .460 3.339 3.213 3.081 | 2.944

0.50 0.25 | 4.123 4.005 3.875 3.739 3.597 | 3.448

0.50 0.50 | 4.071 3.953 3.822 3.686 3.544 | 3.396
0.50 1.00 | 3.952 3.833 3.700 3.563 3.419 | 3.448

1.00 0.25 | 4.754 4.620 4.467 4.307 4.139 | 3.396

1.00 | 0.50 | 4.713 | 4.57%9 4.427 4.268 | 4.101 | 3.269

1.00 1.00 | 4.618 4.483 4.331 4.172 4.005 | 3.961

5 0.25 0.25 | 5.185 5.101 5.014 4.925 4.834 | 4.740
0.25 0.50 | 5.286 5,208 5.123 5.037 4.949 | 4.859

0.25 1.00 5.475 5.400 5.320 5.238 5.155 | 5.070

0.50 0.25 | 5.51¢ 5.426 5.328 5.228 5.124 | 5.017

0.50 0.50 | 5.618 5.531 5.436 5.339 5.238 | 5.1356

0.50 1.00 | 5.803 5.720 5.630 5.538 5.443 | 5.346
1.00 0.25 | 6.120 6.014 5.895 5.772 5.645 | 5.513

1.00 0.50 | 6.219 65.116 6.001 5.882 5.759 | 5.632
1.00 1.00 | 6.399 6.301 6.191 6.078 5.962 | 5.843
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Tables 6.2 to 6.7 show the allowable safety levels
implicit in the AISI Specification of 1968. 1In this case, for
the 1load combination, the dead and the 1live loads are

unfactored as characterized by the ASD philosophy.

A general inconsistency in safety level is observed for
the design equation specified by AISI (1968) as far as beam-
column members are concerned. This point is established when
consideration is given to the information in Tables 6.2 to 6.7.
Whatever the cause of the beam-column action, the eguation
cannot give uniform reliability level. For clarity, Figs. 6.4
and 6.5 are plotted to show the variation of the implied
allowable reliability level associated with AISI Specification.
If the adjustment and safety factors empirically incorporated
are adequately considered, there should have been a relatively
uniform safety level for varying sets of data points. This is
not the case however, and hence, a reliability-based

medification as conjectured is necessary.

Similarly Tables 6.8 to 6.13 contain the information on
the safety levels associated with the recommendation of ECCS,
(1987). Unlike the unfactored locad combination used for AISI,
the values of a; and @, are taken as in Section R 1.3.8 of the

Recommendation.
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As noted already for the AISI Specification, there is a
similar trend in the implied reliability level of the design
equation recommended by ECCS. Tables 6.8 to 6.13 give
attestation to this claim. Similarly, typical plots are shown
in Figs. 6.6 and 6.7. With regards to member length and/or load
ratio, the sensitivity of the equation can be read from these
figures. The conclusion remains that the recommended design
equation is not capable of yielding uniform safety level for

varying practical data points.

Allowing for comparison, typical plots of the variation of
the safety index, f, with the parameters of loading and
strength are shown in Figs 6.8 and 6.9. In these plots the
reliability levels implicit in AISI and ECCS design equations
are compared. Although both equations are meant to design
similar element, their reliability levels are not the same.
Figure 6.8 shows that the safety level decreases with
increasing eccentricity at varying ratio of total lateral to
axial load. This variation also shows a notable change from
column to beam behaviour. Depending on whether a beam-column
acts more as a beam or a column than as a beam-column, the
implied risk (or safety) can be read from Fig. 6.8. It is
however safer to locad a beam-column in such a way that it acts
more as a column than as a beam. This decision is established

using the ratio of applied lateral to axial loads.
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Due to the wide range of safety levels exhibited by both
design methods (AISI, 1968 and ECCS, 1987), statistical
information on this range are depicted by the histograms
plotted in Figs. 6.10 and 6.11. From these histograms, it
follows that the distributions of the implied safety levels of
both design equations assume gaussian with definite dispersions
around the means. This observation again reflects one of the
inherent drawbacks in the equations predicting the strength of

torsionally stable thin-walled beam-columns.

6.3.2 Sensitivity of the Model Parameters

The influence of gross errors (human errors) are not
quantified in this study. But in reality humans play an
important role during design, production and operation phases
of a system. The degree of this role varies from one system to
another and from one system phase to another. Since most of
the human errors occur because humans are capable cof doing so
many different things in many diverse ways (Rigby, 1970), the
overall reliability of a system becomes affected (Flint and
Smith, 1980). Although not all human errors necessarily cause
system failures, some of them cause more significant failures
than others (Dhillon, 1986). Besides, for decision-making
processes and most especially in more complex systems, it is
important to understand the implications of the value set for
any design variable before usage (Rowe, 1977). This is because

real values of design variables of an erected structure may
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differ by small values from the assumed values (Gutkowski,

1991).

Before the selection of the target safety level for each
design method, the sensitivity of the calibration model to
gross errors in the assignment of the values of the
componential parameters is measured by the changes in the value
of . That is, a parameteric sensitivity analysis will be
conducted. Each parameter of the design variables will be
varied by a fixed amount while others are held constant and the
result (i.e the value of () is computed for each variation.
Thus, the parameters which change the output 3 are noted as the
most critical at the variation range used and their relative
importance in the design process is established. For this
purpose, datum values of the design variables involved are:
Yield Stress, F, = 275 N/mm’, Young’s Modulus of Elasticity, E
= 203 KN/mm’, thickness of member, t = 2.67mm and width of box
section, W = 500mm. For these values, the corresponding
reliability indices for AISI and ECCS are denoted by f,. The
results are presented in Figs 6.12 and 6.13. For both design
methods, the most influential design variable is the thickness
of the plate. This variable significantly affects the safety
index in both positive and negative directions. The influence
is more for ECCS than AISI. For example when its value is
increased by 50%, this trend is about 22%. It is also

coincidental that this parameter characterizes the notable
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difference between the behaviour of hot-rolled and cold-formed
steel members, thus, necessitating new design criteria. Other
parameters show approximate minor linear effect on the safety
of beam-column. It must be emphasized that these cbservations
are strictly limited to torsionally stable thin-walled beam-

column members.

6.3.3: Selection of the Target Safety Levels.

The safety levels implicit in the current codes under
consideration have been determined in the previous section. The
problem of nonuniformity in safety level is clearly evident. It
is of more interest to establish an acceptable level upon which
a new code can be developed to achieve the desired consistency.
The level can be determined as a value agreed upon by the
profession (Galambos, 1972). However, some criteria for making
this decision are necessary and for complete information on
this the work of Rowe (1977) can be used. As found appropriate
to the intent of this investigation the decision based on

socio-economic criterion will be followed.

According to Rosenblueth (1976), a structural code should
lead to the establishment of safety levels that produce minimum
total expected cost of an individual structure on behalf of the
client. If failure consequences are to be accounted for, an
acceptable optimum failure probability for the current codes

can be prescribed using cost-benefit analysis. Consequently,
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the problem 1lends itself to optimization requirements.
However, should the entire spectrum of all possibilities be
considered, such a multicriteria optimization becomes a complex

problem.

Within the framework of probabilistic structural design
coupled with realistic assessment of the risks and potential
consequences of partial and total failures and the selection of
decision rules compatible with the principles of the economics
of uncertainty as adopted herein the basic equation for
structural code optimization can then be expressed in a form
similar to the work of Kupfer and Freudenthal, (1977). That is,

Cis

=€, + (1 = Py)CyPy + PGy (6.23)

I ]

in which

C;, = the expected total cost

C, = the non-failure cost

Py, = total failure probability

C; = the anticipated cost of failure of structure j itself
which encompasses the cost of replacement and cost of
associated losses,

Cy; = the cost of partial failure

Py, = the probability of occurrence of partial failure.

As the total collapse of a structure under extreme loading

conditions is very rare P;, may be considered very small so

I

that Py,

; controls Eg. (6.13) and can then be simplified, as
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earlier proposed by Turkstra (1970), to:
Cy, = C, + P(X € Dy)Cy, (6.14)

with D, being the failure region.

The task now is the establishment of that particular value
of P,, the optimum probability of failure, at which the
expected total cost C;, is a minimum for all structures j in
the data space R € {X: g(X) < 0}, where g(X) is a function
corresponding to the violation of a specified limit state. As
shown in Fig 6.14 from the variation of the components of Eq.
(6.14) with the preobability of failure it is clear that an
ultra-conservative code which fulfills its purpose of
safequarding public life and property can be very expensive.
Consequently the point corresponding to the minimum provides
the needed trade-off between safety and economy. It is this
point that an analyst and designer should resoclve as a primary
task (Polykov 1985). To this end, a suitable nonlinear
programming algorithm, NLPQL, implemented by Schnittkowski
(1989) together with FORM are used. The NLPQL algorithm is
built upon an iterative process comprising two parts. First, a
search direction is determined, and then a line search is
performed. The search direction is determined by solving a
quadratic approximation of the Lagrangian function of the
nonlinear problem. With Eg (6.14) as the objective function
subject to the fulfillment of the performance function

expressed by Eq (6.1) being less or egqual to zero (i.e., g(X)
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< 0), a target safety index, f; = 4.265 1is arrived at for both
design methods (i.e, AISI, 1968 and ECCS, 1987). To arrive at
this value, a number of design points particularly different
loading configurations and varying load ratios, are tested.
This is found necessary since a code-writing body may wish to

study the variation in the safety index values with reference
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to other data points 1n order to arrive at a reasonable value.
The difference between [J; and the existing safety indices are
typically shown in Figs. 6.15(a) and (b). For the existing
design equations there exists a wide range of safety levels
which implies that different designs will have different
reliabilities. Thus, the selection of a target safety level
will lead to the prevention of over- and under-conservatism in
the new code. Depending on the loading configuratieon in
consideration, both AISI specification and ECCS Recommendation
show different magnitudes of departure from what may be called
a consistent safety level. For increasing eccentricity,
departure from the target reliability is much less for AISI
than ECCS especially at high eccentricity. At modearate
eccentricity of about 120mm, AISI shows a higher departure (Fig
6.15(a)). On the other hand, when lateral load is considered,
the deviation from the target reliability level decreases with
increasing eccentricity for both design methods. The trend
however shows a higher departure for AISI than ECCS. This
characteristic may be connected with the observations noted in
Section 3.4 where results are compared with the strength
predictions. The information obtained from these figures also
point to the characteristic nature of the cost-benefit of the
current design methods. Since these departures vary with
different design variables, the diversity in the level of
failure probability will equally be reflected on the failure

cost.

221



The selected f; beleongs to the range recommended for
ultimate limit states where § > 3.0 (e.g., lLeporati, 1979) and
for ordinary buildings composed of hot-rolled structural steel
sections f = 3.0 was adopted in a Load and Resistance Factor
Design (LRFD) project (e.g., Ravindra and Galambos, 1978). 1In
many other applications the selection of f; is based on the
importance of a structure (MacGregor, 1983) and the actions to

which a structure is subjected (e.g., NKB, 1978).

6.4 Proposed Limit State Design Formats.

As noted in the preceding sections a major inconsistency
in traditional (non-limit state design) codes regarding safety
checking and load combination rules for safety checking is
clearly reflected. Working by regulatory authorities and
structural engineers, tendencies are to rate structural safety
as a very important requirement to be met while some other
parties (e.g., Rackwitz, 1991; Ravindra and Lind) including
this work express the view that safety is necessary but not
sufficient; other matters such as costs are also important.
Actually absolute safety cannot be completely ensured and
beyond a certain point, attempts to reduce risk of collapse
will cause disproportionate increases in cost (Astill and
Martin, 1975). Therefore the design criteria adopted by AISI,
(1968) and the ECCS, (1987) require modifications to allow
transition to reliability-based Limit State Design Formats

(LSDF) that are centered around the balance of safety and

222



economy.

With reference to Section 6.3, a target reliability level
appropriate for the older codes has been established to be [,
= 4.265 based on a plausible socio-economic criterion. The
relevant formats must be developed to maintain this level
consistently considering all practical associated design
parameters. Thus, this attempt leads to Step 11 of the Flow-

Chart in Fig. 6.1. The necessary details are given below.

To allow a direct transition into a probabilistic Limit
State Design Format, Eq. (6.2) will be modified in order to

satisfy the following requirement:

J
$r,2Y @,0,, (6.15)
k=1

In Eq. (6.15) the left side relates to the capacity of the
beam-column while the right side characterizes the loading
acting on it. R, is the nominal resistance computed according
to the formula in AISI, (AISI, 1968) or ECCS, (ECCS, 1987) and
¢ is the resistance factor which is always less than unity and
it reflects the uncertainties associated with R. On the other
hand, the locading side of the design criterion, Eq (6.15), is
the sum of products aQ,, in which Q, is the nominal load effect

and a the corresponding load factor. The load factors reflect
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potential overloads and the uncertainties inherent in the
calculation of the load effects. The combination of load
effects from different load sources is denoted by the summation
sign, for example, as considered in this study, for dead load
and live load effects we have:

"
E“xanﬁﬂuﬁm*’flﬂm (6.16)
k=1

so that Q,, and Q,, are the nominal dead and live load effects,

respectively; and a;, and ¢, are the corresponding load factors.

Taking R, as the beam-column capacity equation in AISI
(AISI, 1568) or ECCS (ECCS, 1987), Eg. (6.15) can be

expressed as in Eq. (6.2) in the form:

(& by (Opye Npy) + @M (0, V) |
L

CoNoy*+ @ Npy |

=1,0 (6.17)
by

L

In Egq. (6.17), the locading as shown in Fig. 6.2 is
considered and ¢ and ¢, denote resistance factors
corresponding to column and beam capacities, respectively.

Other quantities are as defined previocusly.

Solving Eq. (6.17) for Ny and expressing the total

applied loads as in Egs. (6.5) and (6.6), performance function
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corresponding to Egq. (6.1) is derived. Since the parameters ¢,
a,, and a, must be chosen so as to provide a consistent safety
level (i.e., By = 4.265) pertinent to the current codes,
deviations from this target wvalue of f associated with
different design calibration points must be minimum. Thus, the
criterion for establishing these values is as follows:

Minimize

I,=¥w;(ﬂ,-py)z (6.18)

. - 476154

Minimize

I,,=); Wi lPe,-Pe)" (6.19)

in which B, and p; are the target safety measures, {3, and p;

are safety levels associated with the i"™ structure designed
using the checking equation format and w, is a weight function
which describes the relative importance of the i" structural
design within the scope of the code. If the minimum value of I,

is too large, another format must be selected.

Tables €6.14 to 6.16 show the variation of ¢ with member
length and other design parameters. To arrive at these values,
the basic design variables are assumed while ¢, and @  are

varied until I, becomes a minimum. At this point the vector
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containing a,, « and ¢ is obtained. Since objectively the

strength and load factors are sought, partial satety factors
for other design variables are not computed. It is however
possible on the basis of the advanced computational technique
employed in this study to derive partial factor for each basic
variable of the resistance model but doing so is considered as
too many for practical design use (Thoft-Christensen and Baker,
1982). In any case, the technique supercedes that proposed by
Ravindra et al (1974) in which the member resistance was
considered as one-parameter random variable. The use of the
separation function apprcach in their work posed a major
limitation to the possibility of obtaining partial safety

factors for the basic variables of the member resistance.

6.4.1 Revised AISI Eguation

Based on the information contained in Tables 6.14 and 6.15
the improved version of AISI, (1968) can now be stated as
follows:

For the specification to provide safe and economical

torsionally stable beam-columns, it will be required to have:

SR, 20, 0,+%,0,y (6.20)

which by comparison with the adopted design method in AISI
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Specification implies that

£, . Cuf,
by

<1.0
£, ] (6.21)

¥ "(1 7

with other relevant conditions accordingly modified and
imposed. In Egq. (6.21) F, and F, are the relevant expressions in
the specification without the safety factor 1.92 applied. Also

the computations of f, and f, takes into consideration the

factored applied loads.

TABLE 6.14: AISI INTERACTION STRENGTH REDUCTION FACTOR (N,/N, = 0.25)

Reduction Length Eccentricity, e, [mm]

ractor =4 50 100 150 200 250
@ 1 0.71 0.74 0.70 0.67 0.64
2 0.78 Q.74 0.71 0.67 0.63
3 Q.79 0.75 0.71 0.67 0.63
4 0.80 0.76 0.72 0.67 0.62

5 0.83 0.77 0.72 0.65 -
®n 1 0.89 0.85 0.81 0.77 0.73
2 0.89 0.85 0.81 0.77 0.73
3 0.91 0.86 0.82 Q.77 0.72
4 0.93 0.87 0.82 0.77 0.71

5 0.95 0.89 0.82 0.75 -
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TABLE 6.15: AISI INTERACTION STRENGTH REDUCTION FACTOR (N, /N, = 0.50)
Reduction | Length Eccentricity, e, [mm]

Facter s 50 100 150 200 250
b 1 0.83 0.80 0.76 0.72 0.69
2 0.84 0.80 0.76 0.73 C.69
3 0.85 0.81 0.77 0.73 0.68
4 0.87 0.82 0.77 0.72 0.67

S 0.89 D.83 0.77 0.70 ~-
Py 1 0.96 0.%92 0.87 0.83 Q.79
2 0.97 0.92 0.88 0.84 .79
3 0.98 0,93 0.88 0.84 0.78
4 1.00 0.95 0.89 0.83 0.77

S 1.03 D0.96 0.89 0.81 -

ABLE 6.16: ECCS INTERACTION STRENGTH REDUCTION FACTOR
Load Ratio | Length Eccentricity, e, |[mm]

Ny /N, 3 50 100 150 200 | 250
0.25 1 0.763 0.723 0.683 0.643 0.601
2 0.791 0.749 0.706 0.662 0.617
3 0.843 0.798 0.751 0.703 0.652
4 0.904 0.855 0.803 0.748 0.687
5 0.976 0.923 0.864 0.800 0.725
0.50 1 0.825 0.782 0.739 0.694 0.649
2 0.855 0.810 0.763 0.715 0.665
3 0.911 0.863 0.812 0.760 0.704
4 0.977 0.924 0.868 0.809 0.741
5 1.053 0.995 0.933 0.864 0.782
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In Eg. (6.21), the parameters ¢, and ¢4 are resistance
factors corresponding to ceolumn and beam strength respectively.
Using simple regression analysis on the result shown in Tables

6.14 and 6.15, we have:

$.=0.72+0,00082 (6.22)

and

$,=0.82+0,00084 (6.23)

Hence, for design purpose the relationship in Eg. (6.21)
and the expressions for ¢’s must be used in conjunction with
the appropriate load combination. In this case, dead and
imposed live loads are of interest in this study and the result
of the multicriteria optimization coupled with the advanced
reliability analysis showed that a factor of 1.08 must be
applied to the dead load while 1.32 should be applied to the

live load.

6.4.2 vi uatio
Similar to the derivation obtained for AISI specification,
the basis of an economical and safe design of doubly-symmetric

thin-walled beam-columns is as follows:

N_ ., D &9 <1.0
Vaclaa  GacMra| . NlkR)? (6.24)
¢Bfowade
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in which ¢,. is expressed as:
$5.=0.72+0,0034 (6.25)

These expressions are obtained following the infermation
contained in Table 6.16. The values of @, and « are also

respectively given as 1.08 and 1.32.

General Comments

It must be emphasized however, that ¢., ¢, and ¢,. together
with a, and a, herein derived can be improved if and when more
data information are available. This possibility is reflected
in the existence of varying safety factors in different codes
across the globe for structural materials and systems. And in
fact, as knowledge increases in understanding more of
environmental loadings and behaviour of materials together with
the advent of digital computers to handle complex analyses,
design decisions accruing from intuition need give way to

technique~-based approach.

6.4.3 Comparison of Safet evels.

Safety levels implicit in the current AISI specification
and ECCS recommendation for torsionally stable cold-formed
beam-columns are compared with the implied levels associated
with the proposed formats. Figs. 16 and 17 give typical plots
of the variation of the safety indices implicit in the proposed

formats with other important design parameter. For both cases,
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proposed methods tend to provide equal reliability level with
significant uniformity objectively conjectured. On the other
hand, Fig. 18 gives the clear difference which exists between
the current design methods and the proposed formats. The
difference between the safety levels implicit in AISI and ECCS
is wide and both show distinct nonuniformity. Also, for both
methods, the safety levels are higher than those obtained for
the proposed formats. These higher values do not demonstrate
better design metheds since extraordinary effectiveness may not
necessarily imply economical design. The target level of f; =
4.265 was obtained based on risk balancing to trade off economy
and safety. Considering various practical design inputs, the
outcome safety indices are bounded on the predetermined target
level. This is to say that the sensitivity of the safety level

to other decision design parameters has been greatly minimized.
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CHAPTER 7

SUMMARY, CONCLUSIONS AND RECONMNMENDATIONS

The use of thin-walled structural steel in a light weight
building system has become a solution to industrialize the
construction of various building types. In this regard, the
development of a flexible building technique such that
buildings of different dimensions may be constructed rapidly
and with reduced labour input has been the objective. This need
has led to the development of new specifications for cold-
formed steel construction. Basically the necessity was
prompted not only because the performance of thin cold-formed
structural members under load differs in several significant
respect from that of heavy hot-rolled steel sections, but also
the forms, shapes, connections, and fabrication practices which
have been developed in cold-formed steel construction differ in
many ways from those of heavy steel structures. Consequently,
design specifications for heavy hot-rolled steel construction
cannot possibly cover the design features of cold-formed steel

construction completely.

In a measure, this work has reviewed varying intricacies
associated with the structural behaviour of cold-formed steel
structures in general and specially torsionally stable beam-

columns giving situation report on research projects conducted
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or being conducted at many 1individual companies and
universities across the world. It is found that cold-formed
steel sections are highly competitive for a range of
structural applications. One major factor which gives such
sections significant advantages over their hot-rolled
counterparts is embedded in the wall thickness which can be
used. The thickness of the material from which cold-formed
sections are manufactured are usually small, thus permitting
more economical use of materials. However, the relative
thinness of the walls of cold-formed sections is also found to
be the source of many design aspects that must be considered if
advantage of its potential economies 1is to be given

recognition.

Local buckling, characterized by short-wavelength local
ripples along the walls of a section, is extremely important in
the design of cold-formed section. It is found, using
experimental and theoretical investigations, that locally
buckled elements can still sustain additional loads. Thus, the
concept of effective width is utilized in accounting for the
effect of local buckling. The concept simply assumes that the
most severely buckled portions of an element are ineffective in
resisting load, and that the applied compression is resisted by
effective portions situated adjacent to the supported edges.
A number of expressions recommended for effective width for

design purpose exist in different codes. Hence, this
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investigation has critically studied two different design
methods (as found in AISI, 1968 and ECCS, 1987) with regards to
torsionally stable beam-columns under deterministic and
probabilistic considerations. The design equations for
predicting the strength of these members are compared with some
existing test results. A lot of inconsistencies exist depending
on member geometry being considered. There are cases where
both formulations yield conservative predictions and for some
others they show overestimation. All cases show that ECCS

formulation leads to more conservative predictions than that of

AISI.

Since it is generally recognized that structural problems
are often nondeterministic a quantitative analysis of design
uncertainties is carried out with its influence on the levels
of risk implicit in the design equations computed. It is found
that different degrees of uncertainty in design variables
significantly affect the safety of beam-columns designed to the
two codes. As well, the levels of safety associated with them
are not consistent for all possible design points in the data
space. It is found however, that both codes have equal
reliability target of f(; = 4.265. This target is obtained
considering the implied cost-effectiveness of the design

equations using socio-economic criterion.

Following the objectives of the investigation, an attempt
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is made to cptimize the two codes so that conflicting aims of
safety and economy can be traded off. Consequently resistance
and load factors useful for transistion from the current codes
to reliability-based formats are derived. The proposed
formulations yield optimal code criteria. An optimal code
criterion 1is defined as one with a minimum total cost
implication. The total cost of a code is normally taken as the
sum of initial costs of all structures in the data space
designed in accordance with that particular code, and the
expected value of costs of failure of the designed structures.
Strictly speaking the applicability of this development is
limited to the design of cold-formed structural steel beam-
column members of doubly-symmetric shapes or shapes not subject
to torsional or torsional-flexural buckling. Further
modifications may also be necessary if and when refined

information exists that may be relevant for such changes.

There is no doubt the development in this study elegantly
supercedes the current AISI and ECCS methods for doubly-
symmetric thin-walled structural steel beam-columns since the
strength predictions have been shown to exhibit nonuniform
reliability over many different conditions. And as such it is
not really known what factor of safety should be for the many
individual components or for a system as a whole. In addition,
the basis of allowable stress design (typical of AISI, 1968)

is lumped within arbitrary allowable stresses and factors of
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safety.

The methodology followed in this study makes consistency
of reliability and cost minimization its focus and as such for
a wide range of design situations, relative uniform level of
safety can be achieved. It is also possible to adjust
structural reliability in order to reflect the consequences of
failure for unique designs if there are wishes to control
safety in a manner different from normal. All that is required
for proper implementation of the employed concept is that the
designer should have a better understanding of structural
behaviour. Also since the statistical characters of design
variables are significantly required, the derived formats can

be consistently updated as new sets of data become available.

Finally, the practicality of studies like this is often
grossly overlooked because of tradition, familiarity and
convenience, particularly on the part of experienced engineers
who may have developed a feel for the expected design under the
existing conventional design philosophy. It will eventually
register itself as time allows practicing engineers to become
more familiar with probability-based design decisions, and the
universities begin to integrate the fundamentals into their
engineering curricula. At least for now, there are conscious
efforts to establish standard codes based on this concept in

North America and Europe.
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