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ABSTRACT

The problem considered in this st udy i's to
determnistically and probabilistically evaluate the adequacy
of the design nethods of cold-formed structural steel beam
colums having doubly-symetric cross-sections in accordance
with the AISI Specification of 1968 and ECCS Recommendati on of
1987 with a view to proposing equivalent optimal criteria. The
validity of the design fornmulae are verified using test results
drawmn from literature and those observed at the Heavy
Structural Laboratory at the University of Dortmund, Dortnund,
West Germany. Depending on the ratio of width to thickness of
wal | menbers, varying degrees of incongruities exist between
the predictions given by the design fornmulae and test results.
Both cases of good and over-estimation of nmenber strength are
noted and generally the predictions of ECCS (1987) show nore
conservatismthan AISI (1968). Due to scatter in test results,
the influence of the statistics of the design variables on the
predicted strength is analyzed. The sensitivity is conpared
giving recognition to the paranmeter, Q, which represents the
| ocal buckling phenonenon. The design fornmulae are found

sensitive to this paraneter.

Safety factors are applied either to loading or strength

paranmeters in the tw design equations studied. The

Vi i



dependability of such factors is neasured by conputing the
reliability levels inplicit in the design equations under
uncertain dead and maxinmum life-tinme live |loads. Wthin the
range of practical data points considered, significant
inconsistency is noted. Although the reliability Ilevels
conput ed assune randomval ues, their distributions show that a
target level is in focus. Thus, enploying a socio-economc
criterion, atarget reliability level, 8, of 4.265 is obtained
for each design equation. This value is equivalent to a failure

probability level of 1 x 10-°.

Since an ultra safe design nmethod can be unduly expensive
and that it is not economcally feasible to design a structure
that cannot fail, resistance and load factored Limt State
Design Formats which trade-off safety and econony are derived
as alternatives to the corresponding fornulae in AISI (1968)
and ECCS (1987). These formats are optinmal having a m ni mum
total cost inplication as far as the design of thin-walled
structural steel beam col um nenbers of doubly-symetric shapes
or shapes not subject to torsional or torsional-flexural
buckling is concerned. In addition, they supercede the current
formats by providing uniformreliability level at m ninumcost.
This objective becane realistic as a consequence of rigorous
conbi nation of the Advanced First-Order Reliability Method

(FORVM and a Nonlinear Quadratic Progranm ng Techni que.
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CHAPTER 1

INTRODUCTION

1.1 General

The term ’‘thin-walled structures’ encompasses a wide and
diverse range of construction. The knowledge of their
behaviour is constantly advancing to fill the requirements of
engineers and designers. Although the applications of thin-
walled structures are diverse and the forms of construction are
varied, there are phenomena which are found common to many
different types of these structures. Some of these phenomena,
for example, local buckling (Rhodes, 1983), are peculiar to
thin-walled structures and arise purely because of the thinness
of the walls relative to the other structural dimensions. See
some examples of cold-formed sections in Fig. 1.1. In other
cases effects which are present in all structures are sometimes
altered due to the thinness of the walls. Thus, in some
circumstances simplification of analysis has been done, while

in others there has been an increased complexity.

Exact stress analysis of thin-walled members for design
use has been described (Winter, 1968) as too time-consuming.
But instead, approximate design methods have been developed.
Some of such developments with regards to beam-column design
are investigated in this study.

1



am-column, as used herein, implies a structural member
willCll LS SUb jecied simultanecus LY to axlial compressive LOorce

and bending moment. Bending moment may result from transverse

forces and/or from a known eccentricity of the axial force at

Fig. 1.1: Various Shapes of Cold-Formed Sections (Yu, 1985)



one or both ends. 8Since compression members in actual
structures such as frames and trusses have unavoidable bending
moment along the member due to eccentricity of axial force,
initial deflection and/or rotation of adjacent members, then in
reality, there are no pure columns. Although when the
magnitude of one or the other is relatively small its effect is
usually ignored, for many situations neither effect can be

properly neglected. Therefore the behaviour under the combined

loading is usually considered in design.

The design criteria of thin-walled beam-columns being
examined are based on the Allowable Stress Concept, ASC, (AISI,
1968) and the Ultimate Capacity Concept, UCC, (ECCS, 1987).
The ASC requires the design of structures for a particular load
by using an allowable stress obtained as the appropriate
strength divided by a specific single-valued factor of safety.
This safety factor is considered as accounting for any
imperfections in strength and loading. The implication of this
singular value of the safety factor for any particular strength
has been described as: the ability to predict 1loads and
strength is invariant (Viest, 1981). But generally some loads

and some strengths can be better predicted than the others.

The response of a loaded engineering structure depends on
“the type and the magnitude of the load, and the strength and

the stiffness of the structure. The gquestion of a satisfactory



response depends on the requirements which must be satisfied.
Such requirements for thin-walled beam-column elements are
stated in different forms for design purpose (e.g AISI, 1968;
ECCS, 1987; CSAS, 1963), but the same objectives are meant.
One cannot say exactly if these criteria will yield the same
level of performance unless they are subjected to a critical
evaluation as attempted in this study for AISI and ECCS design

methods.

The local buckling phenomenon plays a major role in the
prediction of strengths of thin-walled elements. Usually,
observed stresses especially in the prediction of ultimate
capacity do not always correspond to the stresses calculated by
linear elastic structural analysis (Viest, 1981). Factors such
as stress redistribution, stress concentration, changes due to
boundary effects and physical sizes of members are contributors

to the discrepancies.

The assurance of system performance within the constraint
of economy is one of the principal aims of engineering design.
Most planning and design of engineering systems must be
accomplished without the benefit of complete information;
consequently, the assurance of performance can seldom be
perfect (Ang and Tang, 1984). 1In the case of a structure, its
safety is a function of the maximum load (or combination of

locads) that may be imposed over the useful 1life of the



structure. Structural safety also depends on the strength or
load-carrying capacity of a structure or its components. As
the 1lifetime maximum 1lcad and the actual capacity of a
structure are difficult to predict exactly, and any prediction
is subject to uncertainties, the absolute assurance of the
safety of a structure is not possible (Ang and Tang, 1984).
Then, it is only realistic to measure safety in terms of the
probability that the available strength is adequate to

withstand the lifetime maximum load.

In cases where sufficient statistical data are available,
the problem of safety evaluation can be formulated with the
application of the theory of probability and statistics. But
in the great majority of cases, the design is used and built
only once. Therefore, it is not economically feasible to
collect sufficient data and, in fact, the structural behaviour
near failure has been described as unknown for most civil
engineering structures because it is not practical to conduct
even a single full-scale destructive test of such large and

massive structures (Yao, 1985).

Commonly, in civil engineering practice, a given structure
can be studied either experimentally or analytically. The
experimental studies can be field surveys and/or laboratory
tests. Field surveys include the determination of exact

locations of failed elements and other signs of distress, the



conduct cof various nondestructive testing techniques to the
existing structure, the discovery of poor workmanship and
defective details, and proof-load and other load testing of a
porticn of a large structure. On the other hand, specimens can
be collected from the field and tested in the laboratory for
the evaluation of material strengths and other mechanical

properties.

Analytically, studies may consist of the examination of
the original design calculations and drawings, the review of
the project specifications, the performance of additional
analyses using newly acquired field observations and test data,

and the possible explanation and description of the event under

consideration.

Guedelhoefer, in 1981, classified into three types, the
methods applicable for the strength evaluation of distressed
structures, viz:

* analytical evaluation,
* in-situ load testing,

* model load testing.

Of interest, in this investigation, is the analytical
evaluation of the predicted strength of thin-walled beam-
columns as given by two different design criteria considering

the presence of inherent uncertainties in the basic variables



of the resistance and loading.

1.2 Purpose and Scope

In this investigation, the advantages or disadvantages,
measured by sensitivity to inherent uncertainties, of two
design methods for thin-walled beam-columns having doubly-
symmetric cross-sections are studied and consequently
reliability-based modifications are proposed to foster uniform
and economical satisfactory performance for all practical
values of the parameters involved in the design equations. The
study is essentially useful for the allowable stress and
empirically based design interaction equations. The factor of
safety used in the interaction equation by AISI depends, in
part, on the expressions chosen to define the allowable
stresses. It has been shown that the actual factor of safety
of beam-columns cannot be determined directly from the factor
of safety of the individual terms in the interaction equation
(CRC Guide, 1976). And even then, predictions always have
associated uncertainties so that the adequacy of any design
criterion needs to be examined and evaluated in a probabilistic
manner. The reasons are now obvious with due regards to the
list of sources and types of uncertainties (see Sec. 5.2).
However, errors in analysis may be decisive in causing
structural malfunctions, and the contrel of allowable
approximations founded on well defined rational criteria.

There is yet one major obstacle found in the judgement of



errors in calculations. This 1is the difficulty of getting
bounds on local mistakes in stresses, displacements, etc. Only
comparisons are possible on the basis of some global measure of
structural response or performance. As a possible solution,
the probabilistic theory of structural safety (reliability
analysis) has been suggested (Augusti et al, 1984) for an
engineering evaluation of errors introduced by approximations.
Such analysis of the propagation of numerical errors on the
safety indices or on the failure probability can give useful
criteria for judging the admissibility of approximations, or
even to calibrate increments of the safety coefficients
necessary to neutralize error effects on structural safety.
According to Augusti et al (1984), it is unfortunate and
somewhat surprising that there is not much work on the subject
at the present stage, despite the interest that the matter
should have in practical applications. The work in this study
is a step in this direction with regards to thin-walled

structures.

Kolakowski (1987) found that the interaction between local
and overall buckling of compressed thin plates could result in
an imperfection-sensitive structure. This means the elements
whose design criteria are being evaluated can be sensitive to
imperfections which may themselves be random in nature.
Ordinary deterministic evaluation cannot be sufficient in

gquantifying the degree of such sensitivity for reasons that are



obvious.

Comparison of the design equations in consideration shows
that there is no unique format for design criterion. However,
when two or more design criteria yield the same level of
probability of failure, they can be said to have equal level of
performance. Such requirements appear to be possible only when

the criteria are developed in a probabilistic manner.

Two design specifications (i.e. AISI, 1968 and ECCS, 1987)
for the interaction of thin-walled beam-columns are rated using
a probability-based technique. The interaction strength as a
whole and some key parameters, especially those that represent
the effect of the local buckling phenomenon, are rated. On the
basis of the rating coupled with optimization task, Limit State
Design Format (LSDF) based on socio-economic criterion is
proposed for each specification in order to provide economical
designs which yield uniform reliability 1level over all

practical values of the slenderness parameter.

In order to achieve the stated objective, an evaluation
model based on the First-Order Reliability Method (FORM) is
employed taking into consideration possible correlation among
parameters of the design equations and their associated
probability distributions. The method is fully discussed in

Chapter 4, and chosen among others due to its merits. The



interaction strength of a thin-walled beam-column is a function
of so many parameters. Rather than considering the strength as
a single random variable, it is treated as a function of the
associated random parameters. Thus, the model is generalized
so as to permit any load combination (as permitted by the
specifications) and to study the influence of the statistics of
the local buckling effect on the interaction strength. As
well, the model permits the rating of the design criteria when
different grades of steel from which thin-walled elements may
be cold-formed are available. 0f the identifiable
uncertainties, only the measurable uncertainties are easily

quantified and they are the ones considered in this study.
Since the proposed transitory formats are forged around

safety and economy, a nonlinear programming technique is also

employed.
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. CHAPTER 2

LITERATURE REVIEW

2.1 General Remarks

A great deal of research has been carried out on the
behavicur of cold-formed steel structures. These research
efforts have been concentrated on improving the design methods.
But then there exists the indication that more research is
needed to fully uncover the intricacies of the problems. For
instance, with respect to doubly-symmetric c¢ross-sections, a
survey according to Yu, (1985) shows the fellowing research

activities and locations:

(A} USA
Research activities into thin-walled structural behavicur
in USA include:
(1) Limit design of cold-formed box sections at the
Georgia Institute of Technology.
(2} Local Dbuckling of tubular columns at Lehigh
University.
(35 Inelastic response of restrained steel tubes at

University of Michigan. - y

(4) Ultimate design of box girders at New Mexico State

T 1i616E

11 " -

University.




(5) Local buckling of tubular beam-columns at University

of Wisconsin-Milwankee.

(B) BELGIUM

Similarly research activities in Belgium include studies

on the buckling of rectangular hollow sections at University of

Liege.

(C) CANADA

As far as behaviour of thin-walled structural steel
members are concerned, the following investigations are
underway in Canada:
(1) Behaviour of stiffened box girders at McGill
University.

(2) High-strength steel hollow section columns at
University of Toronto.

(3) Local buckling of tubes at University of Alberta.

(4) Plastic behaviour of hollow sections at McMaster
University.

(5) Behaviour of box girders at Queen’s University at

Kingston.

(D) JAPAN
At the University of Tokyo, the major work in cold-formed

structural steel addresses circular and rectangular tubular

members.

12



(E) UNITED KINGDOM

In United Kingdom, we have major activities at:

(1) University of Glasgow which investigates the
behaviour of thin-walled rectangular hollow beams,.

(2) University of Southampton studies postbuckled columns

and box beams.

In this Chapter, the need for the present study is
justified and the evolution of the probability-based technique

employed is briefly discussed.

2.2 Developments and problems in the Design of Cold-Formed
Steel Sections
There are two main families of structural members in use
in steel construction. One of them is the familiar group of
hot-rolled shapes and members built up of plates. The latter
is composed of sections cold-formed from steel strips, plates,
or flats in roll-forming machines (see example of such machine

in Fig. 2.1) or by press brake or bending brake processes.

Cold-formed steel sections are used, to mention a few, in
car bodies, railway coaches, storage racks, grain bins, highway
products, transmission towers and pocles, drainage facilities,
and bridge and building construction. A few examples of

applications of some cold-formed steel sections are shown in

13



Figs. 2.2 to 2.4. From the list of these uses, 1t can be saild

that the thickness of the material from which cold-formed

sections are manufactured can be very small, and thus,

permitting economical use of material.

Fig. 2.1: Cold Roll Forming Machine (adopted from Yu, 1985)
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Building Composed entirely of Cold-Formed

Pig. 2.21
Steel Sections (adopted from Yu, 1985)

Fig. 2.3: Cold-Formed Steel Sections used in Space Frames
(adopted from Yu, 1985)
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Fig. 2.4: Hanger-Type Arch Structures using Cold-Formed
Steel Section (adopted from Yu, 1985)
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Although the relative thinness of cold-formed sections is
beneficial to economical usage, it is also the source of many
design aspects that must be accounted for, if advantage is to
be taken of the potential economies. In this section, a brief

review of the investigations on these aspects is reported.

Rhodes and Walker (1985) remarked: As the major producer
of cold-formed sections, and having had the longest established
research background in the field, the USA has probably the most
comprehensive and useful specification for the design of cold-
formed sections of any country. The specification (i.e., AISI,
1968) referred te by these men is one of the two being
evaluated in this study with particular attention to the design
of beam-columns. The design specifications of Canada (CSA,
1974) and Australia (SAA, 1974) have been based very closely on
the AISI (Rhodes and Walker, 1985), and the AISI has been
translated into German (Eidamshaus et al, 1976) and used in

Germany.

A bulk of research is done in the USA. Yu, (1985) gave a
long list of research activities at different Universities in
the USA as well as in other countries, especially, in Europe.
Rhodes and Walker (1985) reported on some of the major areas of
research with regards to buckling problems and areas which

require further investigation are pinpointed.
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Local buckling of cold-formed steel elements is one of the
major design criteria. But it is well known that such elements
will not necessarily fail when their buckling stress is reached
and that they often will continue to carry loads in excess of
that at which 1leocal buckling first appears. A number of
pictures are shown by Yu, (1985) to 1illustrate why the
postbuckling strength of compression elements is utilized in
design. The incorporation of this aspect into the design of
beam-columns is of major concern since it is done empirically

in the two design methods under evaluation.

Other problematic aspect of cold-formed sections due to
the relative thinness of the walls is that in some sections the
centroid and the shear centre do not coincide. Thus,
torsional-flexural buckling becomes a critical factor for
compression members. This phencmenon is of no consequence in
the sections (i.e. box and doubly-symmetric sectiocns) that are
considered in this study. Such sections are said to have

sufficient torsional rigidity (Sherman, 1975).

The simple end conditions (i.e., pin-ended) assumed and
generally connections of thin-walled elements have been found
to influence their behaviour (e.g., Yu, 1985). Although at the
design stage provisions are made for this, such provisions are

only approximate and are critically deterministic. This is
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because the true behaviour is hidden in the real construction,

and can be influenced by many other factors.

With specific reference to the behaviour of thin-walled
box sections, reports of investigations documented include
(Little, 1978; Chiew et al, 1987; Usami and Fokumoto, 1982;
Usami and Fukumoto, 1984; Hasegawa et all, 1988; Shanmugam et
al, 1987; Nakai et al, 1985a; Nakai et al, 1985b; Murray, 1987;
Hancock et al, 1987). These reports are a combination of
experimental and analytical investigations, On the basis of
the conclusions drawn by the individual investigators, the
prediction of the ultimate load-carrying capacity of box
sections is diversified and discrepancies exist among them due,

in part, to the appraisal methods.

In order to retain the shape of thin-walled box columns,
they are often stiffened by diaphragms or traverse ribs.
Krolak (1989) studied the influence of flexural rigidity of
such diaphragms on the stability of thin-walled box columns
under uniform compression, using an energy method. On the
basis of the analysis it was found advisable to take into
account the flexural rigidity of the diaphragms during
calculations of the local stability of such elements with
densely spaced diaphragms. Also the critical lcads of
uniformly compressed members with densely spaced diaphragms

whose thicknesses are equal to that of the walls are fairly
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significantly greater than those with perfectly flexible
diaphragms. By a way of generalization there is an indication
that a unique design format for thin-walled sections may not
necessarily exist. It is good then to evaluate critically some
of the existing design equations in order to bring forward the
role of inherent uncertainties in influencing the resultant
performance of components designed in accordance with those
requirements and to suggest possible modifications that will
make any design criteria yield uniform level of reliability.
To do so will require a probability~-based technique. 1In the
subsequent section the evolution of such a technique is briefly

reviewed.

2.3. Evolution of Structural Reliability Concepts

In a qualitative and very broad sense, the purpose of
design can be conceived to be the attainment of equilibrium
between safety and economy. Safety calculations have, for many
years, been simply formulated on a deterministic approach
according to allowable stress criteria. This is to say, that,
structures were regarded safe 1if within an elastic linear
model, appropriate combinations of the stresses induced at any
point by the nominal values of the applied loads did not exceed
predefined proportion of the material strengths which were
equally viewed as deterministic. The application of this

allowable stress method has revealed some shortcomings, among
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which are (Geschwindner, 1988):

(a) Reliability is not uniform over the many different
conditions of design. Thus, the exact factor of
safety for many individual components or for a system

as a whole is not known.

(b) The basis of the method is hidden within arbitrary

allowable stresses and factors of safety.

(c) The format of Allowable Stress Design (ASD) is not
consistent with the one used for reinforced concrete,

nor is it consistent with those of the international

community.

Modern developments in design, analysis, building material
and techniques have also led to the refinement of structures to
suit more precisely the loading and environmental conditions
assumed in design. Therefore, the accuracy and adequacy of the
design assumptions have assumed much greater importance since
a precisely designed structure may be sensitive to a greater or
different loading condition. And worse still, the reserve
strength previously available may be inadequate or even
completely absent. If structures are to be designed with both
precision and safety, a conscious assessment of all conditions

and hazards that might arise should be made. But according to
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Rodin and Chanon (1969), this does not mean that we must design
against all hazards. It simply means the combination of risk
and consequence of the hazard should be considered so that
appropriate action, if any, can be determined to achieve an
acceptable and uniform standard of safety. Hence attempts to
improve the methoed called for the need to take into account the
random character of the most important design parameters.
These include the actions, the strength of the materials, and
even at times, the geometric dimensions. It is this
consideration that led to the introduction of probabilistic

concepts.

One of the first proposals in this direction was put
forward by Mayer in 1926. In later years, the problem has been
the computation of the probability of failure and consequently
the reliability of a structural element or a system. Shinozuka
(1972) described reliability analysis as that analysis which
combines all available probabilistic and statistical techniques
as well as the modern science of decision making in such a
manner that the reliability estimate will not only reflect the
quality and quantity of the available information but will be
consistent with the present state of

* structural or stress analysis

* failure analysis, and

* environmental and load analysis.
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The consequence is, therefore, that the accuracy of the
reliability estimate cannot be better than the accuracy of the
information and the state of art of the engineering science
pertinent to the reliability problem in hand. The essential
benefit that one can receive by performing reliability analysis
has been listed as follows (Shinozuka,. 1972): A definite and
better understanding will be achieved on

(1) the effect of increasing or decreasing safety factors

on the structural reliability,

(2) the sensitivity of the structural reliability to the

other design parameters,

(3) the additional information needed to improve accuracy

of the reliability estimate, and

(4) from this understanding, a consistent and systematic
way of making decisions will hopefully emerge.
These items constitute part of the cobjectives of this present

investigation.

Reliability analysis has also been grouped under three
basic levels, which are levels 1, 2, and 3, depending on the
degree of sophistication applied to the treatment of the
various problems. The difference among them are operational

rather than conceptual. Some comments are made on these levels
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without showing any mathematical details which can be found
elsewhere (e.g., Leporati, 1979; Madsen et al, 1986; Thoft-

Christensen and Baker, 1982).

2.3.1 Level 1 Methods

In level 1 methods, the probabilistic aspect of the
problem is taken into consideration by introducing in the limit
state equations suitable nominal values of the basic variables,
in association with partial safety factors. To ensure
appropriate levels of structural reliability, these nominal
values are deduced from probabilistic considerations. There
are, 1in progress, continuous revisions of the operaticnal
methods used (e.dg., CEB, 1976) under this level. At the same
time a number of alternative proposals have been recently
formulated by various research groups (e.g., NCBR, 1974; CECM-

ECCS, 1978).

Broadly, if the failure criterion in respect of a

predetermined limit state is expressed in the form:

Gt ¥ s v o 5 » ¢ Y} €0 (2.1)
by means of level 1 methods, safety analysis is effected by
checking that the following inequality is satisfied

GY; fHe X3 /Y2 « o » o o o 3 4/) 20 (2.2)
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In the above equations,
Y, = the design variables,

Y'= the characteristic values of the design variables and

v, = the partial safety factors.

Level 1 schemes are said to have great operational
simplicity due to the use of fixed and constant partial safety
factors for a given class of design situation (Leporati, 1979).
But the shortcomings are that the reliability of individual
designs will necessarily vary from case to case. In order
words, the objective of obtaining constant reliability cannot
be reached for all the design situations covered in a given

specification.

2:3:2 LLevel 2 methods

With level 2 methods, safety checks are made at finite
number of points of the safety domain boundary which is
projected into the space of noncorrelated and standardized
basic random variables. 1In this way, direct multidimensional
integration or the use of simulation techniques are avoided.
The parameters that require determination are the distances of
appropriately selected points of the safety domain boundary
from the origin of the system of coordinates, in case of
multiple checks. On the other hand, when only one check is
needed, the minimum distance is sought. It is possible to

associate a precise meaning in terms of reliability with this
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distance if joint normal distribution is assumed for the random
variables involved and suitable geometries for safety domain

boundary are chosen.

The Mean First Order-Second Moment Method (MFOSMM) and the
Advanced Mean First Order-Second Moment Method (AMFOSMM) are in
this level. The basic concept of second moment methods is to
set out all random quantities in terms of their first two
moments. These operational procedures were introduced by

Cornell (1969) for codification purposes.

Rather than checking safety in terms of probability of
failure, it is checked using the reliability index, That is,

let a limit state function be:

Zy=hg-hy (2.3)

where Ay and A are respectively strength and stress variables

which are usually functions of other variables.

In terms of the first two moments of the strength and
stress employing Taylor series the reliability index, B, is

expressed as

f=—>r " (2.4)
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where

’):" = mean value of A,
7; = mean value of A
Ow = standard deviation of ,,
O, = standard deviation of .

Since one of the procedures of level 2 is employed in this
investigation, the detail of Equation (2.4) is fully discussed
in Chapter 4. But it should be pointed out here that the

condition to be checked for safety is

Ix—IS—B1fah!+olsit0 (2.5)

The so-called AMFOSMM which is also described in Chapter
4 requires the determination of B by iteration (Smith, 1986).
This is because the value of B depends on the minimum distance
from the origin to the failure surface in the space of

standardized variables (See Fig. 2.5).

Generally, in the level 2 procedures, it is not necessary
to insist on the relative frequencies of real non-failures, but
only on establishing the significance of the compared measures
of risk within standardized operational procedures (Leporati,

1979) .
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2 dad Level 3 Methods

These are the most complete methods of reliability
analysis (Leporati, 1979). In the procedure all the random
variables involved are represented by their distribution
functions and joint probabilistic behaviour is expressed in
terms of the covariance matrix. The knowledge required is the

appropriate safety domain for each limit state.

Level 3 methods are not easily applicable to practical
safety checking and design because of the analytical and
numerical difficulties involved. However, they are the only
available means to check the approximations and also the
validity of the assumptions made in the operational methods of
levels 1 and 2. Studies conducted on level 3 methods include
(Freudenthal et al, 1966; Tichy and Volicek, 1972) and using a

computer (Paloheimo, 1969).

The fundamental formulation in the level 3 methods is of

the form:

Pp= f f £ia,(Apedg) dhydhg (2.6)
oF

where DF is the failure domain; and Ay, and Ay are as earlier
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defined. From Egq. (2.6), the reliability of a component is, by

definition,

H=1—Pﬁ.=1—fffusfl,.)-s} dA  dh g £ T)
nr

Generally, the criterion for safety has been formulated in
terms of the resistance, A, and load applied, A..

Mathematically, the criterion is of the form:

Ag=dygr0 (2.8)
or
Ay
> 2.9
1 1 ( )

Oon the basis of any of the above requirements, the
conclusion is that safe structures are characterized by a
relatively low probability of failure. The distribution of A,
and Ay are needed, in a simple form, in safety analysis.
According to Borges and Castanheta (1969), each distribution
measures the probability of it being smaller than a given value
and these probabilities must refer to the same variable that
measures both loads and resistances, taking for reference the

same interval of time.
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A more generalized concept of failure takes into account
the concept of limit state (Leporati, 1979). That is, a state
beyond which a structure, or part of it, can no longer fulfil
the functions or satisfy the conditions for which it was

designed. For instance, let Eg. (2.8) be expressed as

Zy=hg=hg (2.10)

If Ay and A take positive arguemental values, the condition of
probability of survival (i.e. reliability) is the shaded area
in Fig. 2.6. That is, 2, takes a positive value. To establish
a criterion for safety the requirement is that 2,, > 0. And
this is the key assumption on which the present work is

conducted.

2.4 Significance of the Reliability Methods in Structural

Safety

In the practice of planning, design, analysis and
construction, c¢ivil engineers have always been aware of the
uncertainties (natural and man-made} that must be negotiated.
The awareness has always been resolved through the so-called
safety factors. The associated problems with the use of the
allowable stresses through safety factors have been pointed out

in the previous section. To ascertain a more meaningful

3l



quantitative measure of safety, the reliability technique which
is probability-based has been sought. More recently, some of
the existing design codes (e.g. CEB, 1976; CIRIA, 1977; NBS,
1980; ECCS, 1981) have been reexamined and modified on the

basis of these probabilistic concepts,

Reliability analysis methodology has made and can further
make genuine contributions towards enhancing the structural
safety and integrity of constructed facilities (Shinozuka,
1986) . Beyond the applicability of reliability concepts to
traditional engineering structures, reliability analysis has
become an integral part of the risk assessment and management
procedures for a wide variety of structures (e.g., Rodin and
Chanon, 1969; Committee, 1982a; 1982b; 1982c; 1982d; Matsuo and
Asaoka, 1983, McAnally, 1983; Cazzulo, 1987; Cheieleskwi, 1987;
Costa, 1987; Ditlevsen et al, 1987; Grigoriu, 1987; Guenard and
Lebas, 1987; Nielsen et al, 1987; Nowak and Lind, 1987; Schmidt
and Schomburg, 1987; Black, 1972, Konishi, 1972; Chang, 1983)
including such risk-sensitive structural systems as nuclear
power plants and aircrafts (e.g., Glirpinar and Giuliani, 1987;
Jaeger, 1972; Kececioglu and Koherecheck, 1983; Thomas and

Bosinoff, 1983).

As far back as 1969, Ang showed that availability of a
minimum acceptable risk permitted the formulation of an

extended reliability basis for safe design and evaluation of
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safety factors, Lightenberg (1969) also pointed out some
factors that 1in reality have a great influence on the
probability of failure (and consegquently the reliability) of a
structure. Some of his findings have been answered in

reliability studies, attesting to its importance.

The interrelationship among the probability of structural
failure, the expected cost of failure and the proof-load
testing has been established and used for a general reliability

analysis (Shinozuka, 1969).

In 1969, 0Ott and Shah studied the feasibility of
developing the mathematical tools to investigate the
reliability of structural systems under probabilistic and
stochastic 1loading. They found that derivation of the
reliability distributions was fairly simple for the case where
only one parameter was a random variable. But it was not
possible to find a useable analytical solution for the

distributions chosen. Therefore approximations were suggested.

In the context of structural engineering the resistance of
a structure or element is usually a function of a number of
variables. Each of these variables is random, and an analysis
could be made if the relevant statistical parameters of each
were known. Inclusion of all these effects would be a
formidable task, although analyses with some of the variables
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have been made (Augusti and Baratta, 1970; Chung and Lee, 1971;
Bjorhovde, 1972; Bijorhovde and Tall, 1971) especially for
column elements. In order to circumvent the problem, the mean

resistance has been expressed as (Galambos, 1972):

R,=[BiasFactor] [NominalFormula) (2.11)
where
. TestCapacity Theorstical Pred.fctinn]
E ¥ W — + —£ : < — e
daxtnctac] TheoreticalPrediction ][ Nominal Strength "

and the [Nominal Formula) is the resistance equation which is
to be used in the new code for the particular type of element,
This idea has been used to evaluate reliability of structural
steel elements (e.g. Chapius and Galambos, 1982; Galambos et
al, 1979; Shin et al, 1988). However, such an approach
obscures the possibility of monitoring the contribution of the
statistics of the key parameters to the variation in the

strength, and particularly for cold-formed elements.

In cold-formed elements, interaction of local and overall
buckling phenomenon makes a key difference between the
behaviour of hot-rolled and thin-walled elements. As
previously reviewed, it is clear that the phenomenon is yet a
question of further verifications. Bearing this in mind, it is
then preferred in this study teo treat the resistance of the
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beam-column as a function of random parameters rather than a
single random variable. The guantification of random
parameters allows the opportunity to examine the statistical
contributions of such parameters to the statistics of the
resistance and consequently their influence on the reliability

of the design criteria.

Although the applications discussed above are numerous and
diversified, a number of major issues that have not really been
resolved in the structural reliability analysis have been
pointed out and some of them are (Shinozuka, 1986): |

(1} It is not easy to obtain a consensus on the
target levels  of reliability even for

traditional civil engineering structures.

(2) Not everything is always probabilistic, although
the reliability analysis methodology developed
so far presumes that we can somehow formulate

everything in terms of probability.

(3) Even if, it is agreed that everything can be
interpreted as probabilistic, the casual fashion
in which the source of the variability is often
divided into "uncertainty" could give the false
impression that such a division is easy, while

certainly it is not.
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(4) The reliability methodology has so far been
unable to properly incorporate human factors,

managerial as well as technical.

These problems are however not ignoring the many
advantages a Reliability-Based Design (RBD) criterion has, at
least, over the traditional Allowable Stress Design (ASD).
Some of the advantages and the disadvantages of both RBD and
ASD were listed by Geschwindner in 1988. It is clear from the

comparison that RBD has the largest list of advantages.

Within the scope of literature availability, no similar
course of analysis as undertaken herein for cold-formed beam-

columns has been reported.

2.5 oOptimization in Structural Engineering

A vast quantity of literature has been published in the
area of structural optimization in the last two decades (e.q.
Rozvany and Cohn, 1970; Weiji, 1986; Mroz and Lekszycki, 1981;
Oovunc, 1989). However, most of the activities are centered
around a deterministic design philosophy characterized
essentially by a well defined deterministic structural code for
checking constraints, and usually an element optimization
procedure for finding the best design variables which result in

the minimization of material weight or cost.
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Optimization formulations which do not incorporate the
inherent nature of both structural loading and strength present
a significant drawback. This is because structural problems
are generally nondeterministic and, consequently, engineering

optimum design must cope with uncertainties.

Code calibration using the reliability concepts discussed
in the previous section has shown that safety level dces not
remain uniform within the context of deterministic code
applications due to inherent uncertainties and the fact that
the mathematical models upon which such codes are built cannot
fully replicate the true nature of state. It is then logical
to say that methods of optimization developed on deterministic
safety concepts, while minimizing the weight or cost of an

element, may change the elemental safety level.

Since the proper tool for assessing and analyzing
uncertainties requires methods and concepts of reliability
(e.g. Ang and Tang, 1984), it may be welcoming to affirm that
the combination of reliability-based design procedures and
optimization techniques is the only means of providing a
powerful tool to obtain a practical optimum design solution
(Frangopol, 1985). In this direction various studies have also
been carried out with various criteria and constraints (e.q.,
Hilton and Feigen, 1960; Kalaba, 1962; Frangopol, 1985a; Moses

and Kinser, 1967; Surahman and Rojiani, 1983; Parimi and Cohn,
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1978; Frangopol, 1985b), and a large number of applications is
found, for examples, in Thoft-Christensen and Murotsu (1986)

and Brebbia abd Hernandez (1989).

In general, for example, the problem of probabilistic
optimization with collapse and loss of serviceability as the
criteria can be stated in mathematical-programming form as

follows (Frangopol, 1986):

-

m =n(2') €7 {2.12)
as cost or weight constraint, and
Ppe = Ppc(2) < Py {2433)
as reliability constraint against collapse and
Pps = Pr(2%) < Py (2.14)

as reliability constraint against unserviceability in which 27
= the vector of design variables; m = the total cost or weight
of the structure and 7’ the permissible value; P,. and P’ = the
probabilities of plastic collapse and the allowable value,

respectively; and P, and Py = the probabilities of

unserviceability and allowable value.

Equations (2.12) to (2.14) provide nine possible
combinations for formulating an optimization problem under
uncertainty particularly the optimization of several

conflicting objectives as is the case in this investigation.
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CHAPTER 3

BEAM-COLUNMN INTERACTION STRENGTH

3.1 Introduction

Beam-columns are structural members which combine the beam
function of transmitting transverse forces or moments with the
compression (or tension) member function of transmitting axial
forces. The behaviour of isclated beam-columns can be
conveniently discussed under three distinct headings, viz
(Trahair, 1977): In-Plane Behaviour, Flexural-Torsional
Buckling and Biaxial Bending. These different behaviours are
schematically shown in Fig. 3.1. However, 1in an expanded
manner, a number of categories of combined and axial load along
with the likely mode of failure may be summarized as follows
(Salmon and Johnson, 1980):

(1) Axial tension and bending in which failure is usually

by yielding.

(2) Axial compression and bending about one axis, failure
is by instability in the plane of bending, without

twisting.

(3) Axial compression and bending about the strong axis,

failure is by lateral-torsicnal buckling.
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Fig. 3.1: Beam-Column Behaviour (a) In-Plane Behaviour, (b)
Flexural-Torsional Buckling and (c) Biaxial Bending.
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(4 Axial compression and biaxial bending (for
torsionally stiff sections), failure is by

instability in the plane of principal directions.

(5) Axial compression and biaxial bending (thin-walled
open sections), failure is by combined twisting and

bending on these torsionally weak sections.

(6) Axial compression, biaxial bending, and torsion;
failure is by combined twisting and bending when the

plane of bending does not contain the shear centre.

The in-plane behaviour is the focus in this investigation
and subsequent discussions are on the behaviour of beam-columns
not subject to flexural-torsional buckling and are under
uniaxial bending. Therefore in this Chapter, the general
review of the exact analysis of the in-plane behaviour is done
in Section 3.2 while the rest of the Chapter concentrates on
the design rules with the view to examining their adequacy
considering different assumptions adopted and the consequence
of unavoidable uncertainties. Two different design criteria
are discussed but to up-date information, comments on the
relevant research investigations are included for comparison.
This is to show that for the number of failure modes there is
no simple design procedure which will likely account for such

varied behaviour. Design procedures have been categorized viz
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(Salmon and Johnson, 1980):
(1) limitation on combined stress;
(2) semi-empirical interaction formulae based on
working stress procedure, and
(3) semi-empirical interaction procedures based on

ultimate strength.

According to Salmon and Johnson (1980), design procedure
based on (1) cannot provide a proper criterion unless
instability is prevented, or large safety factors are used.
But generally the Iinteraction equations are closer to
describing the true behaviour since they account for the

stability situations commonly encountered.

3.2 General Analysis

In this section, only the in-plane behaviour is discussed
assuming failure by instability in the plane of bending. For
a simple illustration of the exact analysis, a beam-colunmn
element with uniformly distributed lateral load (See Fig. 3.2)

is considered.

S —— q = S ———T ey
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Fig. 3.2: In-Plane Beam-Column with Uniform Load
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The elastic limit state of the element is attained when
the maximum stress reaches the elastic limit or the yield
point, f , of the material. Thus, the governing differential
equation for elastic beam-columns with uniformly distributed
load can be given as;:

% 42 f
;x:+ﬁ:;x:— é} (3.1)

in which
Rl
K> FT
and v is the lateral deflection of the element. Since the

system is symmetric about the mid-span, it is enough to take
the coordinate x from the mid-span. Then the general solution

to Eq. (3.1) can be expressed as:

Vv=0,008kK+ 0, +—3_ x? 3.3
* 4 2kReET (3.3)

When the boundary conditions are applied, that is, at

X = +L/2 or ~L/2, v = 0 and

a4y

(3.4)

I
o

the constants ¢, and c, are obtained and shown as
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c, = d (3.5)
ETk4cos (kL/2)

and
c, = - (gq/EIK') (1 + kL/8) (3.6)
It then follows by substitution in Egq. (3.3) that

. q 1+k3L3_k2x2_ coskx (3.7)
ETk* 8 2 cos(kL/2)

From Eq. (3.7) the moment distribution along the member can be

determined as

div g coskx
M=-ET =_E_ -1 358
dx? k”[cos(kL72) : .
the maximum bending moment occurs at the mid-span where x = 0,
that is,
M (8 kL —— 2 1 3.9
Munx =M, (8/ )[cos(kL/z) ( )

in which M, is the maximum bending moment induced by q only, and
the expression in the square bracket represents the

magnification factor due to axial compression.
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Wwhen P = 0,
M, = gqL'/8 (3.10)
Using power series expansion and further simplifications,

Eq. (3.9) is reduced to:

My, = M, [1 + 1.0281(P/p.)][1 + P/P, + (P/P)* + . . . ]
1.0281(P/P,)
- + (3.11)
M{l =8P, )
sc that

(3.12)

. {1+0.0281(P/P,)
%QX-MO( l_P/P‘ )

Since the axial thrust P is essentially a constant value
along the element, the elastic 1limit stress occurs on the
cross-section of the maximum bending moment. Therefore for a
beam-column, the criterion for the elastic limit state can be

given as (Trahair, 1977; Chen and Atsuta, 1976):

.
2|y
i

hh

or
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b‘f}”;%ﬂ {(3.13)
v v
where
M, = Zf, (3.14)
and
P, = Af (3.15)

are the initial yield moment in pure bending of a section

10

Fod moment
ix =0)

e Umiform load

—————— Concentrated load
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Fig. 3.3: Elastic Limit Interaction Curves
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